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1. INTRODUCTION 

The 22 February 2011, Mw6.2-6.3 Christchurch earthquake is the most costly earthquake to 

affect New Zealand, causing 181 fatalities and severely damaging thousands of residential and 

commercial buildings, and a significant portion of the city lifelines and infrastructure. However, 

the scientific and engineering significance of this earthquake goes well beyond the effects of this 

event alone, because the same region was impacted by an Mw7.1 Darfield six months earlier. 

Accordingly, there is much that can be learned from comparing the different levels of soil 

liquefaction, differing magnitudes and seismic source distances, and variable performance of 

buildings, lifelines, and engineered systems during these two earthquakes, along with the many 

strong aftershocks. It is rare to have the opportunity to document the effects of one significant 

earthquake on a modern city with good building codes. It is extremely rare to have the 

opportunity to learn how the same ground and infrastructure responded to two significant 

earthquakes. This report presents an overview of observed geotechnical aspects of the 

Christchurch earthquake; a previous GEER report covers observations from the Darfield 

earthquake: 

(http://www.geerassociation.org/GEER_Post%20EQ%20Reports/Darfield%20New%20Zealand_

2010/Cover_Darfield_2010.html).  

A unique aspect of the Christchurch earthquake is the severity and spatial extent of liquefaction 

occurring in native soils. Overall, both the spatial extent and severity of liquefaction in the city 

was greater than in the preceding Darfield earthquake, including numerous areas that liquefied in 

both events. Liquefaction and lateral spreading, variable over both large and short spatial scales, 

affected commercial structures in the Central Business District (CBD) in a variety of ways 

including: total and differential settlements and tilting; punching settlements of structures with 

shallow foundations; differential movements of components of complex structures; and 

interaction of adjacent structures via common foundation soils. Liquefaction was most severe in 

residential areas located to the east of the CBD as a result of stronger ground shaking due to the 

proximity to the causative fault, a high water table, and soils with composition and states of high 

susceptibility and potential for liquefaction. The effects of liquefaction and lateral spreading are 

estimated to have severely compromised 15,000 residential structures, the majority of which 

otherwise sustained only minor to moderate damage directly due to inertial loading from ground 

shaking. Liquefaction also had a profound effect on lifelines and other infrastructure, particularly 

bridge structures, and underground services. Minor damage was also observed at flood stopbanks 

to the north of the city, which were more severely impacted in the Darfield earthquake. Due to 

the large high-frequency ground motion in the Port Hills numerous rockfalls and landslides also 

occurred, resulting in several fatalities and rendering some residential areas uninhabitable. 

Following the earthquake, a geotechnical reconnaissance was conducted by a joint NZ-US team. 

The NZ and US members worked as one team and shared resources, information, and logistics in 

order to conduct a thorough and efficient reconnaissance covering a large area over a very 

limited time period. The observations presented in this report resulted from reconnaissance 

http://www.geerassociation.org/GEER_Post%20EQ%20Reports/Darfield%20New%20Zealand_2010/Cover_Darfield_2010.html
http://www.geerassociation.org/GEER_Post%20EQ%20Reports/Darfield%20New%20Zealand_2010/Cover_Darfield_2010.html
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efforts that started immediately following the earthquake by the NZ team members and by US 

team members over a period of six days (2–8 March 2011). However, because access to the CBD 

was limited during the time of the US main contingent’s visit, two US members performed a 

reconnaissance visit at a later date, with the main focus of the visit being the performance of 

lifelines and building foundation systems in the CBD. The team included the following 

members: 

 Assoc. Prof. Misko Cubrinovski – NZ Lead (University of Canterbury, Christchurch, New 

Zealand) 

 Assoc. Prof. Russell A. Green – US Lead (Virginia Tech, Blacksburg, VA, USA) 

 Mr. John Allen – (TRI/Environmental, Inc., Austin, TX, USA) 

 Dr. Brendon Bradley – (University of Canterbury, Christchurch, New Zealand) 

 Assist. Prof. Aaron Bradshaw – (University of Rhode Island, Kingston, RI, USA) 

 Prof. Jonathan Bray – (UC Berkeley, Berkeley, CA, USA) 

 Mr. Greg DePascale – (Fugro/WLA, Christchurch, New Zealand) 

 Mr. Duncan Henderson – (University of Canterbury, Christchurch, New Zealand) 

 Mr. Lucas Hogan – (University of Auckland, Auckland, New Zealand) 

 Mr. Patrick Kailey – (University of Canterbury, Christchurch, New Zealand) 

 Dr. Rolando Orense – (University of Auckland, Auckland, New Zealand) 

 Prof. Thomas O’Rourke – (Cornell University, Ithaca, NY, USA)  

 Prof. Michael Pender – (University of Auckland, Auckland, New Zealand) 

 Prof. Glenn Rix – (Georgia Tech, Atlanta, GA, USA) 

 Ms. Kelly Robinson – (University of Canterbury, Christchurch, New Zealand) 

 Mr. Merrick Taylor – (University of Canterbury, Christchurch, New Zealand) 

 Mr. Donald Wells – (AMEC Geomatrix, Oakland, CA, USA) 

 Ms. Anna Winkley – (University of Canterbury, Christchurch, New Zealand) 

 Mr. Clint Wood – (University of Arkansas, Fayetteville, AR, USA) 

 Dr. Liam Wotherspoon – (University of Auckland, Auckland, New Zealand) 
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2. SEISMOLOGICAL ASPECTS 

Regional seismicity and historical earthquakes 

New Zealand straddles the boundary of the Australian and Pacific plates, where relative plate 

motion is obliquely convergent across the plate boundary at about 50 mm/yr in the north of 

the country, 40 mm/yr in the center, and 30 mm/yr in the south (DeMets et al. 1994).  The 

complex faulting associated with the changing orientation of the subduction zones in the 

northeast and southwest, causes predominantly dextral faulting through the axial tectonic  

belt in the center of the country.   

As a result of this complex faulting, New Zealand is a region of distributed seismicity, in that 

the relative movement of the Australian and Pacific plates are not accommodated by one or 

two faults in a narrow zone, but by many faults across a much wider zone (the axial tectonic 

belt).  It is therefore not surprising to observe that both large historical earthquakes and recent 

seismicity (e.g. Figure 2-1) can occur in almost any region in New Zealand. 

 

 

 

Figure 2-1. Shallow seismicity in the last ten years (as at 4 September 2010). (courtesy of 

GNS Science http://www.geonet.org.nz/earthquake/) . 

 

The 22 February 2011 Mw 6.2 (ML6.3; ME6.7) Christchurch Earthquake 

The Mw6.2 Christchurch earthquake occurred at 12:51pm local time on the 22 February 2011.  

The epicenter was located at -43.598°, 172.714°, at a focal depth of 4 km (J. Ristau, pers 

http://www.geonet.org.nz/earthquake/
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comm.), underneath Christchurch’s Port Hills, approximately 8 km to the south east of the 

Christchurch central business district.  The faulting was primarily reverse in mechanism, with 

a rake of 120 degrees, and does not appear to have caused a surface trace. 

Figure 2-1 provides a geographical illustration of the location of the approximate fault 

causing the 22 February earthquake as well as the Mw7.1 earthquake which occurred on 4 

September 2010 and their associated aftershocks.  It can be seen that the 4 September and 22 

February events have ruptured on different surfaces, which at least based on aftershock 

locations, does not appear to be connected by a geologic structure at depth.  While it is almost 

undisputed that the 4 September earthquake influenced the initiation of rupture of the 22 

February event, there is considerable debate as to whether the 22 February event is an 

‘aftershock’ of the 22 September event, or whether it was ‘triggered’.  Such debate is a result 

of the spatially different locations of these two faults, as well as the assessment of whether 

the majority of stress on the fault at the time of the 22 February rupture was the result of 

primarily long term strains (i.e. a ‘triggered’ event), or the recent strains induced in the region 

since the September 4 event (i.e. an ‘aftershock’). 

 

Figure 2-2. Approximate location of the surface projection of the up dip edge of the fault that 

caused the 22 February earthquake in comparison to the Mw7.1, 4 September earthquake and 

subsequent aftershocks (Figure courtesy of GNS science). 

Figures 2-3 and 2-4 illustrate the space-time, and magnitude-time distributions, respectively, 

of earthquake events in the Canterbury region over the six months from 1 September 2010 - 1 

March 2011. 
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Figure 2-3. Spatial distribution of events in the Canterbury region from 1 September 2010 - 1 

March 2011 (courtesy of Gavin Hayes). 

 

Figure 2-4. Distribution of events in magnitude and time from 1 September 2010 – 1 March 

2011 (courtesy of Gavin Hayes). 
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Finite fault models 

Because of the small magnitude of the event, finite fault models for the 22 February 

earthquake cannot be computed using teleseismic waveforms, the common method utilized 

for large magnitude events. At the time of writing, one preliminary model based on a single 

asperity with an elliptical tapering slip has been computed (C. Holden, pers comm.). Figure 

2-5 shows the surface projection of the finite fault relative to seismometer locations in the 

Christchurch region. The finite fault has an along-strike length of approximately 10km and a 

down-dip width of 7km (which, with an average dip of 65 degrees ruptured over depths of 

approximately 0.5 to 7km).  The finite fault dips toward the south. 

 

Figure 2-5. Preliminary finite fault inversion from Caroline Holden (GNS Science) relative to 

seismometer locations in Christchurch. 

 

Ground motion shaking 

The ground motion shaking as a result of the 22 February Christchurch earthquake was 

widely felt in the Canterbury region, and in New Zealand in general. Figure 2-6 shows the 

distribution of “felt-it” reports that were submitted online by the public. Figure 2-7 shows the 

USGS ShakeMap, which utilizes both predictive models of MMI, and also the publically 

submitted “felt-it” reports. Approximately 92,000 people were subjected to MMI IX, while 

228,000 people were likely subjected to MMI VIII. 
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Figure 2-6. Locations of “felt-it” reports submitted online, there were 3715 reports as at 22 

March 2011 (for comparison 6897 reports were posted 20 days following the 4 September, 

Mw7.1 event) (http://geonet.org.nz/earthquake/quakes/3468575g-shaking.html)  

 

Figure 2-7. USGS ShakeMap from the Mw6.2 (ML6.3) Canterbury earthquake 

(http://earthquake.usgs.gov/earthquakes/shakemap/global/shake/b0001igm/http://earthquake.

usgs.gov/earthquakes/shakemap/global/shake/2010atbj/).  

http://earthquake.usgs.gov/earthquakes/shakemap/global/shake/2010atbj/
http://earthquake.usgs.gov/earthquakes/shakemap/global/shake/2010atbj/
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The Canterbury region is well instrumented with seismographs that recorded the strong 

ground motions. Figure 2-8a shows the (vector-maximum) peak ground accelerations (PGA) 

that were recorded throughout the region. In the near source region, which includes the 

Christchurch central business district, it can be seen that there are eight recordings above 

0.6g. Figure 2-8b shows the vertical and horizontal PGA vectors at the recording stations. As 

may be observed from this figure, the vertical PGAs at many of the sites in central and 

eastern Christchurch are greater than or equal to the horizontal PGAs. 

Figure 2-9 Figure 2-9.shows the acceleration time histories and response spectra of the 

ground motion recorded at Heathcote Valley School (HVSC), which was located almost 

directly above the epicentre.  It can be seen that the ground shaking observed was extremely 

intense with peak accelerations exceeding 1g in both horizontal directions, vertical 

accelerations above 2g, and the duration of strong ground motion in the order of 5 seconds.  

Figure 2-9b shows that, compared to empirical predictions, the geometric mean horizontal 

response spectra were greater than the 84
th

 percentile prediction for vibration periods less 

than 0.8 seconds.  Subsequent investigations have shown that the HVSC site is strongly 

affected by basin edge effects, which cause constructive interference between S-wave 

through the basin and diffracted Rayleigh waves induced at the basin edge. 
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(a) 

 
(b) 

Figure 2-8. (a) Vector-maximum peak ground accelerations observed in the Canterbury 

region from strong motion seismographs (http://www.geonet.org.nz/news/feb-2011-

christchurch-badly-damaged-by-magnitude-6-3-earthquake.html); (b) vertical and horizontal 

PGAs vectors (from Fry et al., 2011).  

http://www.geonet.org.nz/news/feb-2011-christchurch-badly-damaged-by-magnitude-6-3-earthquake.html
http://www.geonet.org.nz/news/feb-2011-christchurch-badly-damaged-by-magnitude-6-3-earthquake.html
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(a) 

 

(b) 

Figure 2-9. (a) Acceleration time-histories; and (b) response spectra at Heathcote Valley 

School (HVSC) seismograph. (Note that "Horiz gm" is the geometric mean of the two 

horizontal components of motion and the empirical response spectra model is that of Bradley 

(2010)) 

Figure 2-10 shows the acceleration time histories and response spectra of the ground motion 

observed at the Christchurch Cathedral College (CCCC) seismograph (see location in Figure 

2-5).  It can be seen that the peak horizontal acceleration is in the order of 0.42g, and peak 

vertical acceleration approximately 0.82g.  In contrast to the ground motion recorded at 

HVSC (Figure 2-9), at CCCC it can be seen that the high frequency ground motion for 

vibration periods less than 0.3 seconds is approximately equal to that predicted by empirical 
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models.  On the other hand, the longer period (T>0.5s) ground motion is generally equal to or 

greater than the 84
th

 percentile empirical model prediction.   

 

 

(a) 

 

(b) 

Figure 2-10. (a) Acceleration time-histories; and (b) response spectra at Christchurch 

Cathedral College (CCCC) seismograph. (Note that "Horiz gm" is the geometric mean of the 

two horizontal components of motion and the empirical response spectra model is that of 

Bradley (2010)) 
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Further understanding for the differences between the ground motions recorded at HVSC and 

CCCC can be obtained from Figure 2-11, which shows the velocity time history of the 

horizontal ground motion in the east-west direction for CCCC and also the geological 

structure of the Christchurch region. As can be seen by comparing the acceleration and 

velocity time histories (i.e. Figures 2-10a and 2-11a), the majority of the direct S-waves 

arrive from 11-16 seconds, and then the ground motion is dominated by surface waves 

arrivals from approximately 16-25 seconds (the surface waves have a longer period than the 

S-waves, therefore having large velocity, but comparably small accelerations). Figure 2-11b 

provides a schematic illustration of the location of Christchurch relative to the epicentre of 

the 22 February earthquake. Based on Figure 2-11, the significant surface waves observed at 

CCCC are likely being created at the edge of the Christchurch basin.  Such waves have then 

become ‘trapped’ within the basin, as a result of the large velocity contrast of the basin 

sediments and the underlying bedrock, leading to the observed wave train of long period 

ground motion above that predicted by empirical models (i.e. Figure 2-10). 

 

 
(a) 

 
(b) 

Figure 2-11. (a) Velocity time-history in the East-West direction at Christchurch Cathedral 

College (CCCC), illustrating the shear wave, and surface wave arrivals; and (b) schematic 

illustration of the generation of surface waves and waveguide effect of the Canterbury basin. 

 

Comparison with the 4 September 2010 earthquake 

The 22 February Christchurch earthquake caused significantly more damage to Christchurch 

than the 4 September 2011 Darfield earthquake, primarily as a result of its close proximity to 

the city.  Figure 2-12 shows the spatial distribution of PGA and MMI observed from the two 

earthquakes.  It can be seen that the larger ground motion intensities in the 22 February event 

occur in locations with higher population density (see 

http://earthquake.usgs.gov/learn/topics/NewZealand2011_slides.ppt for further details).   
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Figure 2-12. Comparison of MMI and PGA values in the Canterbury region as a result of the 

4 September 2010 and 22 February 2011 earthquakes (Courtesy Gavin Hayes). 

 

Figure 2-13 shows the pseudo-acceleration response spectra of the ground motions recorded 

at three locations (see Figure 2-5) for both the 4 September 2010 and 22 February 2011 

earthquakes. Firstly, it can be seen that in the near-source region, which includes 

Christchurch’s eastern suburbs and central business district (i.e. HVSC and CCCC stations), 

the ground motion was significantly stronger from the 22 February earthquake than the 4 

September earthquake. On the other hand, as the source-to-site distance increases (e.g. PPHS) 

the intensity of the ground shaking due to the 22 February earthquake rapidly reduces. For 

this reason, as well as the differences in the sub-surface soil conditions, the damage as a 

result of the 22 February earthquake has been primarily limited to Christchurch’s eastern 

suburbs and central business district. Figure 2-13 also shows the importance of local site 

effects, in the sense that the nature of the ground motions at many sites (e.g. PPHS) are very 

similar, despite being caused by two different earthquakes at different orientations to the site.   
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(a) 

 

 
(b) 

 

 
(c) 

 

Figure 2-13. Comparison of the 4 September 2010 and 22 February 2011 ground motion 

response spectra: (a) Heathcote Valley School (HVSC), RDarfield = 24 km, RChch = 0.3 km; (b) 

Christchurch Cathedral College (CCCC), RDarfield = 19 km, RChch = 6 km; and (c) Papanui 

High School (PPHS), RDarfield = 18 km, RChch = 12 km. (R = horizontal distance from strong 

motion station to closest surface projection of the fault rupture.)  
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3. GEOLOGIC AND TECTONIC SETTING, AND GEOMORPHIC CONDITIONS 

Geological and Tectonic Setting for the Darfield (Canterbury) and Christchurch 

Earthquakes 

The tectonic plate boundary between the Australian (A) and Pacific (P) Plates passes through the 

South Island of New Zealand, where subduction of the Hikurangi Plateau to the north transitions 

into a continent-continent collision zone associated with the collision of the Chatham Rise with 

continental crust of the Australian Plate (Figure 3-1). The Australian and Pacific plates converge 

obliquely at 48–39 mm/yr in New Zealand. The collision between these plates is accommodated 

by a distributed zone of active faults extending across the southern North Island and the South 

Island, each capable of generating large magnitude earthquakes. The Marlborough Fault Zone 

consists of a series of large, northeast-southwest trending ‘transpressional’ faults that undergo 

primarily right-lateral displacement with a component of shortening, resulting in localized uplift 

across the northeastern part of the South Island. These faults ultimately link westward to the 

Alpine Fault, which accommodates ~70-75% of the total relative plate boundary motion between 

the A-P Plates with values of 27 ±5 mm/yr of strike-slip and 5–10 mm/yr of dip-slip (see review 

in Norris and Cooper 2001).  

The remaining ~30% of Australian and Pacific plate motion is accommodated by slip on other 

active faults throughout the Southern Alps and Canterbury Plains such as the Porter’s Pass fault, 

which has a slip rate of 3-7 mm/yr (3–5 mm/yr; e.g. Cowan et al. 1996; Howard et al. 2005; 7 

mm/yr; Wallace et al. 2007). Although there are several mapped structures in this region, both 

expressed at the surface and ‘hidden’ beneath the surface, that pose a known earthquake hazard 

to Christchurch (e.g., Hororata fault, Hororata anticline, Springbank fault, Bobby’s Creek fault), 

the Greendale fault, which was the source of the 2010 Darfield (Canterbury) earthquake, and 

Port Hills fault, the source of the 22 February 2011 Christchurch earthquake, were not 

recognized prior to these earthquakes. Neither the generally east-west trending Greendale fault, 

or the northeast-southwest trending Port Hills fault are associated with distinct geomorphic 

expression at the surface that could have been recognized prior to the September and February 

earthquakes (Figure 3-2). No other faults have been mapped at the surface within the volcanic 

rocks of the Banks Peninsula (Figure 3-3). Additional investigations by GNS and the University 

of Canterbury will assess the possible presence of other geomorphic features or signals that 

would indicate the location and activity of faults in the onshore region.  
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Figure 3-1. Australian-Pacific plate boundary through New Zealand and convergence rates of 

Pacific Plate relative to Australian Plate. (courtesy of Jarg Pettinga). 

 

Modeling of GPS-derived velocity fields suggests a strain rate of ~2 mm/yr of WNW-oriented 

permanent contraction for the region east of the Porter’s Pass Fault to offshore of Christchurch 

that hosts the Greendale fault and the Port Hills fault (“Canterbury Block”; Wallace et al., 2007). 

Some of this slip likely is accommodated by several east-west trending and north-south to 

northeast-southwest trending active faults present throughout Canterbury and offshore on the 

Chatham Rise. In a general sense, east-west trending faults tend to be strike-slip dominated faults 

(e.g., Greendale, Porter’s Pass, Bobby’s Creek, and Ashley faults) while north-south to 

northeast-southwest trending faults tend to be oblique slip or reverse-slip dominated faults with 

smaller components of strike-slip (e.g., Port Hills, Springfield, Springbank, and Hororata faults). 

As is clear from this recent earthquake, it is important to obtain more information on the 

locations of all active faults beneath the Canterbury Plains (via geophysical and geological 

mapping investigations) and earthquake histories of all faults (via paleoseismic analysis) in order 
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to better understand the risk that these structures pose to the Canterbury region (Pettinga et al. 

2001). GNS and the University of Canterbury along with other organizations have mobilized 

extensive efforts to characterize the Port Hills and Greendale faults and other potential faults in 

the Canterbury Plains and offshore region. (GNS Media Release 3 June 2011). The preliminary 

results of offshore studies indicate that additional active faults are present offshore of 

Christchurch (Figure 3-4). 

 

 

Figure 3-2. Location of active faults in the Canterbury Plains, surface rupture of the Greendale 

fault, inferred buried trace of the Port Hills fault, and seismicity associated with the 2010 

Darfield and 2011 Christchurch earthquakes (from GNS). 

 

Geology and Geomorphology of the Christchurch Area 

The Canterbury Plains, about 160 km long and of varying width up to about 60 km, are among 

New Zealand’s largest areas of flat land. The plains are the result of overlapping of alluvial fans 

of glacier-fed rivers issuing from the Southern Alps, the mountain range of the South Island 
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(Figure 3-3). The relatively rapid uplift of the Southern Alps, compared to the region to the east, 

resulted in rapid deposition during the late Quaternary and inundation of the Canterbury Plains 

by alluvial and fluvial deposits. The alluvial gravels underlying the Canterbury Plains typically 

are at least 500 m thick. The plains are often described as fertile, but the soils are of variable 

composition. Most are derived from the greywacke of the mountains or from loess (fine sediment 

blown from riverbeds). In addition, some soils near Christchurch include clay and other materials 

eroded from Banks Peninsula’s volcanic rocks.  

 

Figure 3-3. Geologic Map of the Canterbury Plains and Christchurch Region, South Island, New 

Zealand (Forsyth et al., 2008).  

 

The city of Christchurch is located along Pegasus Bay on the eastern margin of the Canterbury 

Plains, north of the extinct volcanic complex forming Banks Peninsula, and south of the modern 

channel of the Waimakariri River, one of the major rivers extending east from the Southern Alps 

across the Canterbury Plains to Kaiapoi (Figure 3-3). The northern part of the Banks Peninsula is 

composed of the Lyttelton Volcanic Complex, most of which consists of basaltic flows extruded 



3-5 

 

about 10 to 11 million years before present (Ma). Most of these volcanic rocks have variable 

rock mass quality due to variations in rock strength and variations in the amount or presence of 

scoria and mafic dikes. The northern part of this volcanic complex, between the southern suburbs 

of Christchurch and the Port of Lyttleton to the south is known as the Port Hills. These volcanic 

deposits typically are overlain by loess, a wind-blown silt deposit ranging in thickness from 

about one meter on the hill slopes to twenty meters in drainages and hollows. (Figures 3-5 and 3-

6). 

Christchurch lies on the floodplain of the Waimakariri River. The city is underlain by abandoned 

and infilled channels of the Waimakariri River and two local spring-fed rivers, the Avon and 

Heathcote Rivers (Figure 3-7). Basement rocks in the area of Christchurch apparently are on the 

order of 2000 m below present ground surface (Brown et al., 1995). During the late Quaternary 

glacial maximums, prior to about 18 thousand years ago (ka), sea level was up to 150 m lower 

than present, and the alluvial plains extended east of the present coast. As sea level rose during 

the latest Pleistocene and Holocene (post about 15 ka), swamp, estuarine, lagoon, and beach 

deposits prograded westward across the alluvial plains, and are interbedded with Holocene 

alluvial deposits (Figure 3-5). Sea level reached the present level about 6,500 years before 

present, with the coast located about 14 km west of the present location. Since that time, alluvial 

sand deposition from the Waimakariri River resulted in eastward progradation of the coast to the 

present location (Figure 3-5; Brown et al., 1995). The post-glacial deposits are about 15 to 40 m 

thick across the Christchurch area, overlying the Pleistocene gravel deposits (Brown et al., 1995) 
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Figure 3-4. Map showing location of sub-marine faults in Pegasus Bay, including preliminary 

interpreted locations of newly discovered active faults offshore of Christchurch (GNS Media 

Release 3 June 2011) 
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Figure 3-5. Postglacial marine transgression and progradation shorelines, and progradation 

sediment lithologies (Brown et al., 1995). 

 

Prior to development in the 1800’s, most of the city land was low-lying floodplains and swamps 

behind a series of barrier dunes (composed of fine-grained beach/dune sand), estuaries, and 

lagoons (underlain by fine-grained deposits) of Pegasus Bay (Figure 3-7). The Waimakariri 

River regularly flooded Christchurch prior to stopbank construction and river realignment, which 

began shortly after the city was established in 1850. The original city center apparently was 

constructed on slightly higher ground compared to areas to the north and west of the city center. 

Many swamps were drained and filled with sand from coastal dunes to reduce the potential for 

flooding (Brown et al., 1995). The two main rivers, Avon and Heathcote, which originate from 

springs in western Christchurch, meander through the city and act as the main drainage system. 

Of particular relevance to the liquefaction and lateral spreading that occurred during the Darfield 

and Christchurch earthquakes are the locations of the present and abandoned paleo channels of 

the Waimakariri, Heathcote, and Avon Rivers, and the areas of former swamps, as shown on 

Figure 3-7). These areas are underlain by and filled with young loose and soft sediments, are 

characterized by shallow groundwater levels (from 1 to 5 meters below ground surface) (Figure 
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3-5) and were subject to seismically induced ground failure by settlement and lateral spreading 

during both the Darfield and Christchurch earthquakes as described in following sections. 

 

 

Figure 3-6. Geological map of Christchurch (Brown et al., 1995). Refer to Figure 3-5 for place 

names. 

 

Tectonic Deformation Resulting from the Christchurch Earthquake 

Preliminary interpretation of earthquake focal mechanisms, aftershocks, and geodetic data show 

that the Christchurch earthquake occurred on a southeast-dipping fault located beneath the Port 

Hills of the northern Banks Peninsula. The fault plane identified from geodetic modeling of the 

rupture and from the distribution of aftershocks projects to the surface in the southern suburbs of 

Christchurch along the base of the Port Hills. No expression of surface rupture has been 

identified at the ground surface in the area where the fault would daylight, and no faults have 
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previously been identified in this area within the volcanic deposits of the Port Hills (Figures 3-2, 

3-3, and 3-6).  

Additional preliminary characterization of the fault that ruptured during the February earthquake 

provided by GNS includes the following.  The fault is modeled as a rectangular plane dipping 65 

degrees southeast, trending approximately northeast-southwest, and extending from about 6 km 

depth to 1 km depth, as constrained by displacement of GPS monuments across the Christchurch 

region. The survey data indicate that the Port Hills were uplifted by about 15 to 45 cm, while the 

Christchurch area north of the projection of the fault subsided by about 5 to 15 cm (Figure 3-8).  

 

 

Figure 3-7. Waterways, wetlands, and vegetation cover of the Christchurch region as of 1856. 

Modified by J. Walter based on a compilation in Wilson (1989), which was based on the Black 

Map Rural Section cadastral maps of 1856 (from Christchurch City Council, 2003) 
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Figure 3-8. Preliminary model of the southeast-dipping fault (rectangular area) that ruptured 

across the southern part of Christchurch and northern Port Hills during the 22 February 2011 

Christchurch earthquake. Colors on the fault plane indicate the amount of slip between the two 

sides of the fault. The contour lines indicate the amount (in mm) the land has risen (blue 

contours) or subsided (red contours) due to the slip on the fault. The white line is the contour 

where there was no change in height. The red, green and yellow colored symbols show some of 

the GPS stations whose displacements were used to derive the fault slip model (GNS Media 

Release, April 2011). 
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4. LIQUEFACTION AND LATERAL SPREADING 

A distinctive feature of the Mw7.1, 4 September 2010 and the Mw6.2, 22 February 2011 

earthquakes was the severity and spatial extent of induced liquefaction in native soils (e.g., 

Cubrinovski et al., 2011a,b; Green et al, 2012). Figure 4-1 shows the areas that liquefied in both 

events and the associated fault ruptures. While both earthquakes induced extensive liquefaction, 

the February event was more devastating to central and eastern Christchurch due to the close 

proximity of the fault rupture. Immediately after the 22 February 2011 earthquake (i.e., from 23 

February to 1 March) an extensive drive-through reconnaissance was conducted to better map 

the severity of liquefaction in a consistent and systematic manner. The resulting liquefaction 

documentation map is shown in Figure 4-2. Three areas of different liquefaction severity are 

indicated: (a) moderate to severe liquefaction (red zones), (b) low to moderate liquefaction 

(yellow zones), and (c) liquefaction predominantly on roads with some on properties (pink 

zones). Traces of liquefaction were also observed in other areas. The suburbs to the east of the 

CBD along the Avon River (Avonside, Dallington, Avondale, Burwood and Bexley) were most 

severely affected by liquefaction.  

 

 
Figure 4-1. Areas of induced liquefaction by the 4 September 2010 (red bordered areas) and 22 

February 2011 (white shaded areas) earthquakes and associated fault ruptures (red – fault rupture 

with surface trace; blue – fault rupture with no surface trace).    
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Figure 4-2. Liquefaction documentation map of eastern Christchurch from drive-through 

reconnaissance.   

 

Brown and Weeber (1992) describe the original site conditions and development of Christchurch 

as follows: “Originally the site of Christchurch was mainly swamp lying behind beach dune 

sand; estuaries and lagoons, and gravel, sand and silt of river channel and flood deposits of the 

coastal Waimakariri River flood plain. The Waimakariri River regularly flooded Christchurch 

prior to stopbank construction and river realignment. Since European settlement in the 1850s, 

extensive drainage and infilling of swamps has been undertaken.” Brown and Weeber also state 

that surface deposits are actively accumulating and that the present day river channel deposits are 

excluded from the above-mentioned Christchurch and Springston formations. As a result, the 

near-surface soils are highly variable. Despite this variability, gross features of the near-surface 

soil characteristics can be used to explain the performance of observed ground response, 

particularly in suburban areas. Figure 4-3 provides a schematic illustration of an east-west cross-

section of the near surface geology of Christchurch taken along Bealey Avenue (i.e. the center of 

the city in the East-West direction). As shown it this figure, the water table is only 1 m below the 

surface in almost the entire eastern side of the city (with the exception of those colluvium areas 

at the base of the Port Hills to the south). Also, the Riccarton gravel horizon, the upmost aquifer 

beneath the city, increases with depth going from west to east. Although not shown in Figure 4-

Christchurch CBD 

Avon River 

Heathcote River 

Christchurch Cathedral 
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3, it is also noteworthy that the Springston formation (alluvial gravels, sands and silts) is the 

dominant surface layer in the west of Christchurch, and the Christchurch formation (estuarine, 

lagoon, beach, dune, and coastal swamp deposits of sand, silt, clay and peat) dominates in the 

east. Hence, it can be argued that the significant liquefaction observed in the eastern suburbs of 

the city and the absence in the west of the city can be attributed to several contributing factors: 

(i) a reduction in the amplitude of ground shaking moving from east to west (Chapter 2); (ii) a 

gradual change in surficial soil characteristics; and (iii) an increase in water table depth. 

 

 
Figure 4-3. East-west cross-section of surface elevation, water table and Riccarton gravel horizon 

at Bealey Avenue (Cubrinovski and McCahon, 2011). 

 

This chapter is organized into four main sections: Impact of Liquefaction and Lateral Spreading 

on Residential Areas; Impact of Liquefaction and Lateral Spreading on the Central Business 

District; Lateral Spreading – Avon River; and In-Situ Test Evaluation of Liquefaction: 

Observations vs. Predictions.  

Impact of Liquefaction and Lateral Spreading on Residential Areas 

In both 4 September 2010 and 22 February 2011 earthquakes widespread liquefaction occurred 

in Christchurch and Kaiapoi causing extensive damage to residential properties. The liquefaction 

manifested as massive sand boils and large amount of sand/silt ejecta and water littering streets 

(e.g., Figure 4-4), residential properties, and recreation grounds. Nearly 15,000 residential houses 

and properties were severely damaged due to liquefaction and lateral spreading, more than half 

of those beyond an economical repair. 



4-4 

 

 
Figure 4-4. Example of severe liquefaction near the intersection of Shortland St and Rowses Rd 

in the eastern suburb of Aranui. Note the high water marks on the car door window.                    

(-43.521919°, 172.701885°, photo courtesy of Mark Lincoln, nzraw.co.nz) 

 

The distribution of liquefied areas shown in Figures 4-1 and 4-2 reflects the combined effects of 

the low resistance of the soil to liquefaction (loose cohesionless soil with high water table) and 

the intensity of the ground motions. The suburbs most severely affected by liquefaction in 

Christchurch were along the Avon River to the east and northeast of CBD (Avonside, Dallington, 

Avondale, Burwood, and Bexley). The soils in these suburbs are predominantly loose fluvial 

deposits of liquefiable clean fine sands and sands with non-plastic silt. The top 5-6 m are in a 

very loose state, with CPT tip resistances, qc, of about 2-4 MPa. The resistance typically 

increases to 7-12 MPa at depths between 6 and 10 m, however lower resistances are often 

encountered in areas close to wetlands. The more extensive liquefaction observed in these areas 

during the February 2011 earthquake is consistent with the fact that the seismic loading was 

about 1.5 to 2.0 times higher during the February event than the September 2010 earthquake. On 

the contrary however, at the southwest end of the city in Hoon Hay and Halswell, more extensive 

liquefaction occurred during the 2010 Darfield earthquake due to the more intense shaking 

experienced in this region during that event. 

Examples of damage as a result of liquefaction in the residential areas are presented in Figure 4-

5, with the volume of ejected material in residential properties indicated by the piles of sand in 

Figure 4-5a, a typical view in many streets following the Christchurch earthquake. Figure 4-5b 

provides a good indication of the flooding and ejected material in the streets themselves 

immediately following the earthquake. The large sand boils in Figure 4-5c, about 20-30 m long 
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and 10-15 m wide, indicate both a large severity and extent of liquefaction throughout the depth 

of the deposit. Figure 4-5d shows typical differential settlement and damage to the building due 

to separation of walls as a result of loss of bearing capacity of the liquefied foundation materials. 

  
(a) (b) 

  
(c) (d) 

Figure 4-5. Typical manifestation of liquefaction in residential areas.  

 

Figure 4-6 shows the damage to a residence in North Kaiapoi after both the Darfield and 

Christchurch earthquakes. Following the Darfield earthquake there was large settlement of the 

ground and house, and approximately 40 cm of ejected material covering the ground surface. Site 

investigations performed following the Darfield earthquake indicated loose/soft soils up to 

depths of 9 m. Ground motions were largest in Kaiapoi during the Darfield earthquake and lesser 

in the Christchurch earthquake (PGA’s of approximately 0.33 g and 0.21 g, respectively).  

Despite this, Figure 4-6b shows that the volume of ejected material following the Christchurch 

earthquake was again significant, and highlights the potential for repeated liquefaction during 

multiple earthquakes of the typical soil deposits in the region. A smaller volume of ejected 

material was again evident at this site following the 13 June 2011 earthquakes. 
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(a) (b) 

Figure 4-6. Illustration of a house in North Kaiapoi which sustained liquefaction in both the (a) 4 

September 2010 Darfield; and (b) 22 February 2011 Christchurch earthquakes. (-43.38535°, 

172.6701°) 

 

Due to the continued threat of the recurrence of liquefaction, the Canterbury Earthquake 

Recovery Authority (CERA) has divided Christchuch and its environs into four zones: Red, 

Orange, Green, and White. The zoning was based on observed performance during the 

earthquake sequence and in-situ geotechnical tests. Detailed information about each of the zones 

is copied and pasted from the CERA website below. However, in brief, Red Zone = 

uneconomical to rebuild at this time; Orange Zone = further assessment is required prior to 

rebuilding; Green Zone = rebuild at will; and White Zone = area not yet assessed. Maps of the 

zones for Christchurch and Kaiapoi are presented in Figure 4-7. As may be observed from 

comparing Figures 4-1 and 4-7, there is a close coincidence in the Red Zones marked in Figure 

4-7 and areas that are identified in Figure 4-1 as having liquefied during both the Darfield and 

Christchurch earthquakes. In Christchurch, these areas largely lay along the Avon River and its 

abandoned channels (i.e., the neighborhoods of Avonside, Dallington, Burwood, Avondale, and 

Bexley). Additionally, the subdivision of Bexley also is designated as a Red Zone. This 

subdivision was built on fill and experienced up to 1 m of subsidence during the February 

earthquake, significantly increasing the flood hazard for the neighbourhood. In Kaiapoi, these 

areas lay along the Kaiapoi River and Courtenay Stream and their abandoned channels 

(Wotherspoon et al., 2011). 
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(a) 

 
(b) 

Figure 4-7. Rebuilding zonation maps: (a) Kaiapoi, and (b) Christchurch. 

(http://cera.govt.nz/static/land-zone-map/) 

 

http://cera.govt.nz/static/land-zone-map/
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Detailed description of the zone classifications copied and pasted from 

(http://cera.govt.nz/static/land-zone-map/) are given below. 

Red Zones: The criteria for defining areas as residential red zone are: 

 There is significant and extensive area wide land damage; 

 The success of engineering solutions may be uncertain in terms of design, it’s success 

and possible commencement, given the ongoing seismic activity; and 

 Any repair would be disruptive and protracted for landowners. 

If your property is categorised as red, key points to note are: 

 It is not feasible to rebuild on this land at the present time; 

 Wide scale land remediation would take a considerable period of time, the social 

dislocation of such massive works would see homeowners out of their homes for at least 

three years, and in some cases more than five years; 

 In some areas remediation would require up to three metres of compacted fill to bring the 

land up to compliant height, along with many kilometres of perimeter treatment; 

 In addition, a complete replacement of essential infrastructure like sewer, water, 

electricity and roading would be required; 

 Full land repair in these areas may mean that every house would need to be removed, 

regardless of its degree of present building damage; and 

 Even if full land repair was viable, the resulting ongoing social dislocation would have 

major impacts on schooling, transport and employment for whole communities. 

Orange Zones: Land classified as orange means engineers need to undertake further 

investigation. If your property is classified as orange, key points to note are: 

 The orange mapped areas are where engineers need to undertake further investigation; 

 Some of the damage in these areas is a direct result of the magnitude 5.6 and 6.3 

earthquakes which struck on 13 June, and has not yet been adequately assessed to provide 

residents with certainty; 

 Orange zones will progressively be classified following the outcomes of further 

investigations. 

Green Zones: Land classified as green means that homes are suitable for repair and rebuild. If 

your property is categorised as green, key points to note are: 

 Land generally suitable for houses to be repaired or rebuilt; 

 Property owners should talk directly with their insurer or EQC about repairs; 

 Property owners no longer have to wait for the results of any area-wide land assessment 

reports by EQC or their engineering consultants Tonkin & Taylor; 

http://cera.govt.nz/static/land-zone-map/
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 There will be some isolated exceptions where geotechnical assessments will be required 

due to major land damage; 

 Repair and rebuilding work should take into consideration the risk of ongoing 

aftershocks, so some finishing tasks such as brick and driveway concrete laying should be 

delayed until that risk decreases. 

White Zone: If your property is classified as white, key points to note are: 

 These areas are still being mapped or are not residential; 

 In the Port Hills, an extensive geotechnical investigation is underway; 

 Land issues – rockfalls – are of a different nature than to those on the plains; 

 No timeframes have been set for these areas. 

Impact of Liquefaction and Lateral Spreading on the Central Business District 

The 22 February 2011 earthquake produced strong ground motions within the central business 

district (CBD) of Christchurch, which is the central heart of the city just east of Hagley Park and 

encompasses approximately 200 ha. Some of the recorded ground motions had 5% damped 

spectral accelerations that surpassed the 475-year return period design motions by a factor of 

two. Ground shaking caused substantial damage to a large number of buildings. It caused 

widespread liquefaction and lateral spreading in areas within the CBD, particularly along the 

stretch of the Avon River that runs through the city. The liquefaction and lateral spreading 

adversely affected the performance of many multi-storey buildings resulting in global and 

differential settlements, lateral movement of foundations, tilt of buildings, and bearing failures. 

The February earthquake was more devastating to the CBD from a geotechnical perspective than 

the September 2010 earthquake because the latter event did not cause significant liquefaction- 

within the CBD.  

Ten days after the 22 February earthquake, after the urban search and rescue efforts had largely 

finished, the team initiated a comprehensive ground survey within the CBD to document 

liquefaction effects in this area. This section of the chapter summarizes the key field 

observations made by the team. 

Christchurch Central Business District 

The CBD is the area encompassed by the four avenues, Rolleston to the west, Bealey to the 

north, Fitzgerald to the east, and Moorhouse to the south. The CBD is relatively densely 

developed, including multi-storey buildings in its central area, a relatively large number of 

historic masonry buildings dating from the late 19
th

 and early 20
th

 century, residential buildings 

(typically two- to five-storey structures located north of Kilmore Street), and some industrial 

buildings in the south and southeastern part of the CBD. In total, about 3,000 buildings of 

various heights, age, and structural systems were within the CBD boundaries before the 2010-

2011 earthquakes. Latest estimates indicate that about 1,000 of these buildings will have to be 
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demolished because of excessive earthquake damage. Figure 4-8 outlines the boundaries of the 

CBD and the approximate surface projection of the causative fault of the 22 February 2011 

earthquake. 

  

 
Figure 4-8. Christchurch CBD relative to subsurface fault rupture of 22 February 2011 event. 

 

Site Conditions 

Existing geotechnical data indicates different areas within the CBD that are dominated either by 

gravelly layers, thick liquefiable sands or sandy-silt mixtures, and peat in the top 8-10 m of the 

deposits. The soil profiles and thicknesses of these layers are highly variable even within a single 

area. A west to east cross section of the near surface soils in the CBD is shown in Figure 4-9. As 

may be observed from this figure, the shallow soil deposits (i.e., depths of up to 15-20 m) vary 

significantly within short distances, both horizontally and vertically. This imposes difficult 

foundation conditions and sometimes resulted in unconventional or hybrid types of foundations 

being adopted for buildings. The gravelly soils, even though relatively more competent 

foundation soils, typically show medium standard penetration test (SPT) N values of about 15 to 

25 blow counts, whereas the liquefiable loose sands and silt-sand mixtures have low resistance of 

Christchurch Cathedral 

Finite fault model for 22 Feb 

2011 Mw = 6.2 event. Refer 

to Beavan et al. (this issue) 

and Bradley and Cubrinovski 

(2011) for more detail. 

Christchurch CBD 

Ground motion recording station with geo-mean 

peak horizontal ground accelerations from 4 Sept. 

2010 event (left) and 22 Feb. 2011 event (right). 

Figure 4-9 Section Line 
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less than N=12 or cone penetration test (CPT) qc values less than 3-6 MPa. The water table is 

generally within 1.5 to 2.0 m of the ground surface within the CBD. However, as mentioned 

above and shown in Figure 4-3, the Riccarton gravel horizon is the upmost aquifer beneath the 

city, with artesian water pressures, and is at a depth of approximately 22 m below the CBD. This 

imposed additional restrictions on the use of deep foundations and their associated cost. 

Additionally, the upward gradient potentially adversely affected the liquefaction resistance of the 

overlying soils by increasing the pore water pressures in these soils during the 2010-2011 

earthquakes.  

 

 
Figure 4-9. Representative subsurface cross section of Christchurch CBD along Hereford Street 

(reproduced and modified from I. McCahon, personal communication, 19 July, 2011).  
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Ground Motions and Observed Liquefaction 

The Mw7.1, 4 September 2010 Darfield earthquake was caused by a complex rupture of several 

fault segments, the largest and nearest to Christchurch being on the Greendale fault about 20 km 

west of the CBD. The maximum horizontal peak ground acceleration (PGA) recorded in the 

CBD was 0.24 g, with the PGA decreasing generally with distance downstream along the Avon 

River. The Mw6.2, 22 February 2011 Christchurch earthquake was less than 10 km from the 

CBD along the southeastern perimeter of the city in the Port Hills (Figures 4-1 and 4-8). The 

close proximity of this event caused higher intensity shaking in the CBD than the Darfield 

earthquake. Several of the recordings exhibited significant forward-directivity velocity pulses. In 

the CBD, horizontal PGAs of between 0.37 g and 0.52 g were recorded. There are four strong 

motion stations located within or very close to the CBD (Figure 4-8). The recorded PGAs at 

these four stations are summarized in Table 4-1 for the five earthquakes producing highest 

accelerations (Bradley and Cubrinovski, 2011). 

 

Table 4-1. Geometric mean PGAs and adjusted cyclic stress ratios to Mw7.5 earthquake (CSR7.5) 

for four strong motion stations within/close to CBD, for five earthquakes in the period 

September 2010 – June 2011  

Event 

Geometric Mean PGA (g) Cyclic Stress Ratio CSR7.5
a) Magnitude 

Scaling Factor 

MSF
b) CBGS CCCC CHHC REHS CBGS CCCC CHHC REHS 

4 SEP 10 

Mw7.1 0.158 0.224 0.173 0.252 0.089 0.127 0.098 0.142 1.15 

26 DEC 10 

Mw4.8 0.270 0.227 0.162 0.245 0.097 0.082 0.058 0.088 1.80 

22 FEB 11 

Mw6.3 0.501 0.429 0.366 0.522 0.199 0.170 0.145 0.208 1.63 

13 JUN 11 

Mw5.3 0.183 - 0.199 0.188 0.066 - 0.072 0.068 1.80 

13 JUN 11 

Mw6.0 0.163 - 0.215 0.264 0.060 - 0.079 0.097 1.77 

a)
 CSR7.5 = 0.65 (PGA/g)/MSF at depth of groundwater 

b)
 MSF = 10

2.24
/Mw

2.56
  ≤ 1.8 (corresponding to the lower bound range recommended in Youd et al. (2001), with a 

cap of 1.8) 

  

At shallow depths in the deposits, the variation in the recorded PGA values corresponds closely 

with variations in the cyclic stress ratio (CSR) for each of these events. Magnitude scaling 

factors can then be applied to adjust each calculated CSR value to an equivalent value for a 

Mw7.5 event (CSRM7.5) as summarized in Table 4-1 for the geometric mean horizontal values of 

the PGA (Bradley and Cubrinovski, 2011). The data show that in addition to the high PGAs 
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during the February earthquake (PGA = 0.37-0.52 g), the CBD buildings were subjected to 

significant PGAs in the range of 0.16-0.27 g in four additional events. The highest adjusted 

CSR7.5 values of 0.14-0.20 were obtained for the Mw6.2, 22 February 2011 earthquake, which 

were about 1.6 times the corresponding CSR-values from the Mw7.1, 4 September 2010 Darfield 

earthquake. Widespread liquefaction occurred only during the 22 February 2011 earthquake in 

the CBD. Figure 4-10 shows a preliminary liquefaction map for the CBD for the February 

earthquake (Cubrinovski et al., 2011b).  

 
Figure 4-10. Preliminary liquefaction map indicating zones of weakness and locations of 

buildings discussed in the paper. (Cubrinovski et al., 2011b) 

 

Even though the map shown in Figure 4-10 distinguishes the zone most significantly affected by 

liquefaction, the severity of liquefaction within this zone was not uniform. The manifestation of 

liquefaction was primarily of moderate intensity (Figure 4-11a). However, there were also areas 

of low manifestation or only traces of liquefaction, and also pockets of severe liquefaction with 

very pronounced ground distortion, fissures, large settlements, and substantial lateral ground 

movements (Figure 4-11b). This non-uniformity in liquefaction manifestation reflects the 

complex and highly variable soil conditions even within the CBD principal liquefaction zone. 

Survey maps of Christchurch dating back to the time of early European settlement (1850’s) show 

a network of streams and swamps scattered across this area (Archives New Zealand, 2011). 

 

Christchurch Cathedral 

Moderate to severe 

liquefaction zone indicated 

with red shading. 

Geomorphic feature 

Avon River 
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(a) (b) 

Figure 4-11. Representative areas of: (a) moderate liquefaction (7 Mar 2011; -43.52791°, 

172.63653°), and (b) severe liquefaction within the CBD principal liquefaction zone (4 Mar 

2011; -43.52604°, 172.63839°). 

 

The northern extent of the liquefaction zone, which is shown by the black solid line in Figure 4-

10, is a clearly defined geomorphic boundary running east-west that was delineated by a slight 

change in elevation of about 1 m to 1.5 m over an approximately 2 m to 10 m wide zone before 

the earthquakes. After the February event, it was further characterized by ground fissuring or 

distortion associated with localized spreading, as well as gentle slumping of the ground surface 

on the down-slope side. Ground cracks, fissures, and a distorted pavement surface marked this 

feature, which runs continuously through properties and affected a number of buildings causing 

cracks in both the foundations and superstructures. Liquefaction and associated ground 

deformation were pronounced and extensive on the down-slope side between the identified 

geomorphic feature and the Avon River, but noticeably absent on the slightly higher elevation to 

the north (upslope side away from the river). This feature is thought to delineate the extent of a 

geologically recent river meander loop characterized by deposition of loose sand deposits under 

low velocity conditions. A similar geomorphic feature was observed delineating the boundary 

between liquefaction damage and unaffected ground within a current meander loop of the river to 

the east of this area (Oxford Terrace between Barbadoes Street and Fitzgerald Avenue). 

Impact of Liquefaction and/or Lateral Spreading on Structures 

Described below are select cases where structures were impacted by liquefaction and/or lateral 

spreading.  

1. Ground Failure Effects on Nearly Identical Structures – East Salisbury Area 

A mini-complex of three nearly identical buildings (with one small but important difference) is 

shown in Figure 4-12. The buildings are three-storey structures with a garage at the ground floor, 

constructed on shallow foundations. This case clearly illustrates the impact of liquefaction, as the 
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nearly identical structures have been built across the east-west trending geomorphic feature 

identified previously in Figure 4-10, with one building located on the higher level to the north 

suffering no damage, and the buildings located below the crest suffering progressively higher 

amounts of damage. This geomorphic feature, which is expressed here by a significant change in 

grade of the pavement between the northern and middle buildings, is shown in Figure 4-13. The 

northern building that sits on the higher ground showed no evidence of cracking and distortion of 

the pavement surface. Conversely, large sediment ejecta were found along the perimeter of the 

southern building indicating severe liquefaction in its foundation soils (Figure 4-12b). 

Liquefaction features were also observed near the middle building, but the resulting distress of 

this building was significantly less than that of the southern building. The southern building had 

a shortened end wall with a column at its southwest corner, which appeared to have experienced 

additional settlement at the location of the column’s concentrated load. The building suffered 

differential settlement of about 40 cm and more than 3 degrees of tilt towards the west-

southwest, which is visible in Figure 4-12a.  

 

  
(a) (b) 

Figure 4-12. Apartment complex: (a) looking south from northern building showing tilt of 

southern building, and (b) looking north at liquefaction feature at edge of southern building (7 

Mar 2011; -43.52434°, 172.64432°). 

 

 

 

Liquefaction induced 

sediment ejecta. 
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Figure 4-13. Location of geomorphic feature in area of apartment and duplex complexes north of 

Salisbury Street in CBD. 

 

Adjacent to these buildings is another complex of three identical buildings, which are structurally 

different buildings from the former set. Their locations relative to the abovementioned 

geomorphic feature is identical, but these buildings are two-storey duplexes that are apparently 

supported on different foundations. Figure 4-14a shows the middle building with clear evidence 

of pavement distortion, cracking and settlement of the surrounding ground. The settlement of the 

building was likely not significant, but the ground settled about 20 cm exposing the top of the 

foundation at the southwest corner (Figure 4-14b).  

Another apartment complex, constructed on a single level basement that extends almost the full 

length of the complex and provides off-street parking for the development, lies to the west of the 

two case histories discussed previously. It also crosses the geomorphic feature. Noticeable 

settlement of the ground at the southern end of the complex of the order of 15-20 cm occurred 

and compression features in the pavement suggest that it displaced laterally toward the street. 

The concrete basement floor and structure appeared to have undergone negligible distortion, 

which indicates an overall rigid response despite the differential ground movements across the 

site. 

  

N 

Shading indicates area 

over which pronounced 

grade change occurs 

Duplex homes; 

center structure is 

shown in Figure 4-14 

Tilted structure 

shown in Figure 

4-12b 

Apartment buildings 

shown in Figure 4-12 
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(a) (b) 

Figure 4-14. Duplex housing complex: (a) looking north at center building, and (b) close-up of 

ground settlement next to center building (16 Mar 2011; -43.52399°, 172.64417°). 

 

2. Punching Settlement - Madras-Salisbury-Peterborough Area 

Several buildings with shallow foundations located within the liquefied zone underwent 

punching settlements with some undergoing significant differential settlements and bearing 

capacity failures. An example of such performance is shown in Figure 4-15 for a two-storey 

industrial building located 200 m south-west of the buildings discussed previously. There are 

clear marks of the mud-water ejecta on the walls of the building indicating about 25-cm-thick 

layer of water and ejected soils due to the severe liquefaction. Note the continuous sand ejecta 

around the perimeter of the footing and signs of punching shear failure mechanism in Figure 4-

15. At the front entrance of the building large ground distortion and sinkholes were created due 

to excessive pore water pressure and upward flow of water. Settlement of the building around its 

perimeter was evident and appeared substantially larger than that of the surrounding soil that was 

unaffected by the building. The building settled approximately 25 cm relative to a fence at its 

southeast corner and settled 10-20 cm relative to the ground at its northwest corner. The ground 

floor at the entrance was uplifted and blistered which is consistent with the pronounced 

settlement beneath the walls along the perimeter of the building. 

Focus area of Fig. 4-14b Exposed 

foundation 

Pavement level 

prior to 22 Feb 

2011 event 
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Figure 4-15. Two-story building that underwent liquefaction-induced punching movements       

(7 Mar 2011; -43.52506°, 172.64176°). 

 

3. Differential Settlement and Sliding - Armagh-Madras Area 

Farther to the south, at the intersection of Madras and Armagh Streets, several buildings were 

affected by severe liquefaction that induced significant differential settlements or lateral 

movements. At this location, the liquefaction was manifested by a well-defined, narrow zone of  

surface cracks, fissures, and depression of the ground surface about 50 m wide, as well as water 

and sand ejecta (Figure 4-16). This zone stretches from the Avon River to the north toward the 

buildings affected by this liquefaction feature, shown in the background of Figure 4-16, to the 

south. Traces of liquefaction were evident further to the south of these buildings. 

The building shown in Figure 4-17 is a three-storey structure on shallow foundations that settled 

substantially at its front, resulting in large differential settlements that tilted the building about 2 

degrees. The building was also uniformly displaced laterally approximately 15 cm toward the 

area of significant liquefaction near the front of the building (i.e., to the north). There was a large 

volume of sand ejecta at the front part of the building with ground tension cracks propagating 

east of the building and in the rear car-park that are consistent with the lateral movement of the 

building toward the north.  

 

Observed liquefaction features 
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Figure 4-16. Relatively narrow liquefaction-induced feature that traverses parking lot northeast 

of the intersection of Madras and Armagh streets (24 Mar 2011; -43.52842°, 172.64308°). 

 

  

(a) (b) 

Figure 4-17. Liquefaction-induced differential settlement and sliding of building in the CBD (24 

Mar 2011; -43.52878°, 172.64252°). 

 

The building shown in Figure 4-18 is immediately across the street to the north. It is a six-storey 

building on isolated footings with tie beams and perimeter grade beam. The isolated footings are 

2.4 m x 2.4 m and 0.6 m deep. Figure 4-18 shows the view of the building looking toward the 

west and indicates total settlements measured relative to the building to its north, which did not 

appear to settle. Starting from its northern edge and proceeding south, the differential settlement 

is 1 cm for the first span, 1 cm for the second span, then 3 cm, 9 cm, and 11 cm, respectively, for 

Structure shown  

in Fig. 4-17 

Structure shown   

in Fig. 4-18 

1.8 deg 

15 cm 
Ground cracking due to lateral displacements 
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the final three spans. This results in an overall differential settlement across the structure of 25 

cm, with 20 cm of it occurring across the two southernmost spans. A strong tie beam that was 0.6 

m wide and 1.2 m deep was used between the footings for the first two northernmost spans, 

whereas the tie beams between the footings for the remaining spans were only 0.3 m wide and x 

0.45 m deep. This foundation detail, together with the fact that the observations of liquefaction 

were most severe at the southeast corner of the building and diminished across the footprint of 

the building toward the north, led to substantial differential settlements and pronounced 

structural distortion and cracking. Both buildings were considered uneconomical to repair and 

were demolished after the February earthquake. 

  

(a) (b) 

Figure 4-18. Building undergoing significant liquefaction-induced differential settlement due to 

part of it being founded on the liquefaction feature in this area (24 Mar 2011; -43.52878°, 

172.64252°). 

 

4. Performance of Adjacent Structures - Town Hall Area 

The Christchurch Town Hall for Performing Arts, designed by Sir Miles Warren and Maurice 

Mahoney and opened in 1972, is located within the northwest quadrant of the CBD, with the 

meandering Avon River to its immediate south. It is a complex facility comprising a main 

auditorium (seating 2,500) with adjoining entrance lobby, ticketing, and café areas. Further 

extensions provide a second, smaller auditorium, the James Hay Theatre (seating 1,000), and a 

variety of function rooms and a restaurant. The structures are supported on shallow foundations 

except the kitchen facility, which was added later. Air bridges connect the complex to the 

Crowne Plaza, a major hotel, and to the Christchurch Convention Centre (opened 1997) to the 

north. Tiled paved steps lead from the southern side of the complex down to the river’s edge, 

with fountains and views across to Victoria Park.   

The facility suffered extensive damage caused primarily by liquefaction-induced ground failure. 

Differential settlements, caused by punching shear beneath the building’s main internal columns 

Liquefaction- induced 

sediment ejecta 

29 cm 
18 9 6 5 4    0 

N 
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that surround the auditorium and carry the largest dead loads to shallow foundations and a 

second ring of exterior columns (Figure 4-19a) that are connected to the inner ring via beams 

(Figure 4-19b), caused distortion to the structure. The cracked beam shown in Figure 4-19b 

underwent an angular distortion of 1/70 across its span.  The seating for the auditorium has been 

tilted and dragged backwards due to the settlement of the surrounding columns.  Additionally, 

the floor of the auditorium is now domed due to differential uplift relative to the columns.  The 

air bridge connecting the main auditorium to the Christchurch Convention Centre to the north 

(away from river) has separated from the building. With no significant deformations of the 

ground as the obvious source of this lengthening between the two buildings, the explanation 

appears to be that distortions to the auditorium structure have pulled the outer walls in toward the 

building, creating this separation. The entire complex appears to have moved laterally toward the 

river (albeit by a barely perceptible amount on the northern side) with parts of the complex 

closest to the river undergoing increasingly larger movements (Figure 4-19c). These sections 

have settled and moved laterally toward the river more than the remainder of the building, 

leading to significant structural deformations where the extension and original structures are 

joined. 

 

   
(a) (b) (c) 

Figure 4-19. Town Hall auditorium and adjacent dining facility undergoing significant 

liquefaction-induced differential settlement and lateral movements (24 Mar 2011; -43.52727°, 

172.63521°). 

 

Contrary to the liquefaction-induced punching settlement of buildings into the surrounding 

ground that was observed at the Town Hall and in other parts of the CBD, the seven-storey 

building shown in Figure 4-20a did not punch significantly into the liquefied ground nor undergo 

significant differential settlement. As shown in Figure 4-20b there were significant amounts of 

sand ejecta observed in this area. However, there was no obvious evidence of significant 

differential ground or building movement (Figure 4-20c). The differential settlement measured 

between adjacent columns was typically negligible, but differential settlements of up to 3.5 cm 

were measured at a few locations. This building is across the street and slightly to the west of the 

Town Hall. It is a case of liquefaction without significant differential settlement and building 

damage. 

 

Crack 
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(a) (b) (c) 

Figure 4-20. Building in area of significant liquefaction that displays negligible to minor 

differential settlement or punching settlement (24 Mar 2011; -43.526508°, 172.634646°). 

 

5. Contrasting Performance of a Pile-Supported Structure - Kilmore Area 

Several pile-supported structures were identified in areas of severe liquefaction. Although 

significant ground failure occurred and the ground surrounding the structures settled, the 

buildings supported on piles typically suffered less damage. However, there are cases where pile-

supported structures were damaged in areas that underwent lateral spreading near the Avon 

River. In other cases, such as the building shown in Figure 4-21, which is located approximately 

200 m to the east from the Town Hall, the ground-floor garage pavement was heavily damaged 

in combination with surrounding ground deformation and disruption of buried utilities. The 

settlement of the surrounding soils was substantial, with about 30 cm of ground settlement on the 

north side of the building and up to 17 cm on its south side. The first-storey structural frame of 

the building that was supported by the pile foundation with strong tie-beams did not show 

significant damage from these liquefaction-induced ground settlements.  

Across from this building to the north is a seven-storey reinforced concrete building on shallow 

spread footing foundations that suffered damage to the columns at the ground level. This 

building tilted toward the southeast as a result of approximately 10 cm differential settlement 

caused by the more severe and extensive liquefaction at the south-southeast part of the site. It is 

interesting to note that in the vicinity of this building, the site contained areas that liquefied 

during the 4 September 2010 earthquake. Following the extensive liquefaction in the 22 February 

2011 event, there was also significant liquefaction in some areas during the 13 June 2011 

earthquakes. 
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(a) (b) 

Figure 4-21. Building on pile foundations in area of severe liquefaction showing large settlement 

of the surrounding soils relative to the foundation beams (4-6 Mar 2011; -43.526575°, 

172.638668°). 

 

6. Presence of Shallow Gravelly Soils - Victoria Square 

Near Victoria Square, the liquefied zone was composed predominantly of relatively deep loose 

sand deposits that transitioned relatively sharply into a zone where gravelly soil layers reach 

close to the ground surface. Shallow foundations (spread footings and rafts) for many of the 

high-rise buildings in this latter area are supported on these competent gravelly soils. However, 

the ground conditions are quite complex in the transition zone, which resulted in permanent 

lateral movements, settlements, and tilt of buildings either on shallow foundations or hybrid 

foundation systems, as illustrated in Figure 4-22. Immediately to the north of these buildings, the 

liquefaction was severe with massive sand ejecta; however, approximately 100 m and further to 

the south where the gravels predominate, there was neither evidence of liquefaction on the 

ground surface nor visible distress of the pavement surface. Again, it appears that the ground and 

foundation conditions have played a key role in the performance of these buildings, which 

therefore have been selected for in-depth field investigations. 

 

Foundation beam 30 cm 

30 cm 17 cm 
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Figure 4-22. Buildings on shallow and hybrid foundations in transition area from moderate 

liquefaction to low/no liquefaction; arrows indicate direction of tilt of the buildings (7 Mar 2011; 

-43.52878°, 172.63528°).   

 

Lateral Spreading – Avon River 

Along the Avon River, particularly to the east of CBD, lateral spreading occurred, causing 

horizontal displacements at the river bank on the order of several tens of centimeters to more 

than two meters. At ten locations along the Avon River, where lateral spreading measurements 

were conducted after the September 2010 earthquake, measurements of lateral spreading 

displacements were carried out again after the February earthquake. It was found that the 

permanent lateral displacements were two to three times the displacement measured after the 

September earthquake, indicating increased spreading movement which is in agreement with the 

more severe liquefaction observed in these areas during the February event. Ground surveying 

indicated that ground cracks associated with lateral spreading extended as far as 100-200 meters 

from the river, while other aerial observation methods suggest that the effects of spreading might 

have been even beyond these distances. An example of lateral spreading along the Avon River is 

shown in Figure 4-23. 
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Figure 4-23. Example of lateral spreading along the Avon River. 

 

In-Situ Test Evaluation of Liquefaction: Observations vs. Predictions  

Following both the Darfield and Christchurch earthquakes, team members performed in-situ tests 

using the DCP and SASW (Green et al., 2011b). Both tests are portable and provide information 

about the subsurface properties, making them suitable for immediate post-earthquake 

reconnaissance investigations. Of particular interest to the team were the properties of the soils 

that liquefied in either, or both, the Darfield and Christchurch earthquakes. In the following, the 

DCP and SASW equipment, tests performed, and data reduction are described in more detail.     

Dynamic Cone Penetrometer (DCP) 

The dynamic cone penetrometer (DCP) used for this reconnaissance was designed by Professor 

George Sowers (Sowers and Hedges, 1966) and is shown in Figure 4-24. This system utilizes a 

6.8 kg mass (15-lb drop weight) on an E-rod slide drive to penetrate an oversized 45° apex angle 

cone. The cone is oversized to reduce rod friction behind the tip. At sites that liquefied, the DCP 

tests were performed in hand-augered holes that were bored to the top of the layer that liquefied, 

as determined by comparing the liquefaction ejecta to the auger tailings. At the sites tested that 

did not liquefy, the augered holes were bored to the top of the potentially liquefiable layer (i.e., 

sand layer below the ground water table), if such a layer was found. The augered holes 

minimized rod friction and allowed collection of samples of the liquefiable soil. Experience has 

shown that the DCP can be used effectively in augered holes to depths up to 4.6 to 6.1 m. 

The DCP tests consists of counting the number of drops of the 6.8 kg mass that is required to 

advance the cone ~4.5 cm (1.75 inches), with the number of drops, or blow count, referred to as 

the DCP N-value or NDCPT. NDCPT is approximately equal to the Standard Penetration Test (SPT) 

blow count up to an N-value of about 10 (Sowers and Hedges, 1966; Green et al., 2011a). 

However, beyond an N-value of 10, the relationship becomes non-linear. Figure 4-25a shows the 

relationship between SPT and DCP N-values that was used in this study, which is a slightly 
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modified version of the one proposed by Sowers and Hedges (1966). The modifications to 

Sowers and Hedges (1966) relationship are specific to the soils in the Canterbury region and are 

based on comparing the NDCPT values to SPT N-values, Cone Penetration Test (CPT) tip 

resistance, and shear wave velocity measurements made near the DCP test sites.  

 
Figure 4-24. DCP test being performed adjacent to a house in Bexley after the Mw7.1, 4 

September 2010 Darfield earthquake. Brady Cox is working the hammer. (13 Sept 2010,             

-43.51837°, 172.72205°) 

 

Following the procedure outlined in Olson et al. (2011), the SPT equivalent N-values (NSPTequiv) 

values were normalized for effective overburden stress and hammer energy using the following 

relationship:   
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 (1)  

where NSPT equiv(NDCPT) is the functional relationship between NSPT and NDCPT shown in Figure 4-

25a, Pa is atmospheric pressure (i.e., 101.3 kPa), 'vo is initial vertical effective stress (in the 

same units as Pa), and ER is energy ratio. This relationship uses the effective stress and hammer 

energy normalization schemes outlined in Youd et al. (2001).  
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Although the energy ratio for the system was not measured, the DCP hammer is similar to the 

donut hammer used for the SPT. Skempton (1986) and Seed et al. (1984) suggested that the 

energy ratio for an SPT donut hammer system ranges from about 30 to 60%. However, because 

the DCP system does not have pulleys, a cathead, etc., we anticipate that the energy ratio for the 

DCP is likely to be near the upper end of this range. Therefore, we assumed an ER = 60% for our 

calculations. In addition to the effective stress and hammer energy corrections, the NSPT equiv 

values were also corrected for fines content following the procedure proposed in Youd et al. 

(2001). Figure 4-25b shows a plot of NDCPT and N1,60cs-SPTequiv for a test site in the eastern 

Christchurch neighborhood of Bexley, which experienced severe liquefaction during both the 

Darfield and Christchurch earthquakes. 

 
 

(a) (b) 

Figure 4-25. (a) Relationship between DCP test and SPT N-values; and (b) comparison of NDCPT 

and the equivalent N1,60cs (N1,60cs-SPTequiv) for a test site in Bexley. 

 

In total, 30 DCP tests were performed across Christchurch and its environs after the Darfield and 

Christchurch earthquakes. Figure 4-26 shows the locations of these test sites. In addition to the 

Darfield and Christchurch earthquakes, the DCP has been used on several other recent post-

earthquake investigations to evaluate deposits that liquefied (e.g., the Mw6.3, 2008 Olfus, Iceland 

earthquake, the Mw7.0, 2010 Haiti earthquake, the Mw8.8, 2010 Maule, Chile earthquake, and the 

Mw5.8, 2011 Central Virginia, USA earthquake).  
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Figure 4-26. Locations of DCP test sites performed after either the Darfield or Christchurch 

earthquakes. 

 

Spectral Analysis of Surface Waves (SASW) 

The Spectral Analysis of Surface Waves (SASW) method is used to determine the shear wave 

velocity (VS) profile at sites tested. The SASW method is widely accepted and has been used to 

characterize the subsurface shear stiffness of soil and rock sites for the past 20-plus years (e.g., 

Nazarian and Stokoe, 1984; Stokoe et al., 1994; 2003; 2004; Cox and Wood, 2010; Cox and 

Wood, 2011; Wong et al., 2011). In particular, the SASW method has often been applied in 

geotechnical earthquake engineering to characterize materials for near-surface site response 

analyses (e.g., Rosenblad et al., 2001; Wong and Silva, 2006) and soil liquefaction analyses (e.g., 

Andrus and Stokoe 2001). The SASW test is a non-intrusive, active source seismic method that 

utilizes the dispersive nature of Rayleigh-type surface waves propagating through a layered 

material to infer the subsurface VS profile of a site.  

The SASW field measurements in this study were made using three 4.5 Hz geophones, a 

‘pocket-portable’ dynamic signal analyzer, and a sledge hammer. Figure 4-27 shows the test 

setup at a site in South Kaiapoi. The geophones were model GSC-11D’s manufactured by Geo 

Space Technologies, while the analyzer was a Quattro system manufactured by Data Physics 

Corporation. The Quattro is a USB-powered, 4-input channel, 2-output channel dynamic signal 

analyzer with 205 kHz simultaneous sampling rate, 24 bit ADC, 110 dB dynamic range, and 100 

dB anti-alias filters. It is controlled with a flexible, windows-based software package (Data 

Physics Signal Calc) that has measurement capabilities in both the time and frequency domains. 

The compact, highly portable nature of this setup is ideal for earthquake reconnaissance efforts 
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where shallow VS profiles are desired. At most locations, receiver spacings of approximately 

0.61, 1.22, 2.44, 4.88, 6.10, and 12.20 m were used to collect surface wave data. These tests took 

less than 45 minutes per location and typically enabled VS profiles to be generated down to 6.1-

9.1 m below the surface. In total, 36 SASW tests were performed across Christchurch and its 

environs after the Darfield and Christchurch earthquakes. Figure 4-28 shows the locations of the 

SASW test sites.  

 

Figure 4-27. SASW setup at a site in South Kaiapoi. Liam Wotherspoon working the hammer. 

(12 Sept 2010; -43.39001°; 172.66264°)  

 

Spectral analysis was used to separate the measured surface waves by frequency and wavelength 

to determine the experimental (“field”) dispersion curve for the sites via phase unwrapping. An 

effective/superposed-mode inversion that takes into account ground motions induced by 

fundamental and higher-mode surface waves as well as body waves (i.e., a full wavefield 
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solution) was then used to match theoretically the field dispersion curve with a one-dimensional 

(1D) layered system of varying layer stiffnesses and thicknesses (Roesset et al., 1991; Joh, 

1996). The 1D VS profile that generated a dispersion curve that best matched the field dispersion 

curve was selected as the site profile. Per Youd et al. (2001), the VS profiles were then 

normalized for effective overburden stress using the following relationship:   

25.0

1
' 











vo

a
Ss

P
VV


 (2) 

where VS1 is the shear wave velocity normalized to 1 atm effective stress, Pa is atmospheric 

pressure (i.e., 101.3 kPa), and 'vo is initial vertical effective stress (in the same units as Pa). 

Figure 4-29 shows a plot of VS and VS1 for a test site in the eastern Christchurch neighborhood 

of Bexley, which experienced severe liquefaction during both the Darfield and Christchurch 

earthquakes. Also plotted in this figure is the empirically determined upper-bound VS1 for 

liquefiable soils (i.e., soils having VS1 > V
*
S1 will not liquefy regardless of the intensity of 

shaking imposed on them). 

 
Figure 4-28. Locations of SASW test sites performed after either the Darfield or Christchurch 

earthquakes. 

 

Estimation of PGAs at DCP and SASW Test Sites 

As discussed in the next section, the in-situ test data described above correlates to the ability of 

the soil to resist liquefaction (i.e., capacity). However, to evaluate liquefaction potential, both the 

soil’s ability to resist liquefaction and the demand imposed on the soil by the earthquake needs to 
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be known. For the approach used herein to evaluate liquefaction potential (i.e., stress-based 

simplified procedure), the amplitude of cyclic loading correlates to the PGA at the ground 

surface and the duration correlates to earthquake magnitude. Accordingly, the PGAs at the sites 

where DCP and SASW tests were performed needed to be estimated for both the Darfield and 

the Christchurch earthquakes. As outlined below, the PGAs recorded at the strong motion 

stations (refer to Chapter 2) were used to compute the conditional PGA distribution at the test 

sites. 

 
Figure 4-29. Measured VS and corrected VS1 profiles for a test site in Bexley. Also shown is the 

theoretical limiting upper-bound value of VS1 for liquefaction triggering (V*S1) for soil having 

FC = 9%. 

 

The ground motion at a strong motion station i can be expressed as: 

iii RupSitePGAPGA   ),(ln)ln(  (3) 

where ln(PGAi) is the natural logarithm of the observed PGA at station i; ),(ln RupSitePGAi is 

the predicted median natural logarithm of PGA at the same station by an empirical ground 

motion prediction equation (GMPE), which is a function of the site and earthquake rupture;  is 

the inter-event residual; and i is the intra-event residual. Based on Equation (3), empirical 

GMPE’s provide the distribution (unconditional) of ground motion shaking as: 

 22,ln~)ln(   ii PGANPGA  (4)  

where X ~ N(X,X
2
) is short-hand notation for X having a normal distribution with mean X and 

variance X
2
. 
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By definition, all recorded PGAs from a single earthquake have the same inter-event residual, . 

On the other hand, the intra-event residual, i, varies from site-to-site, but is correlated spatially 

due to similarities of path and site effects among various locations. Accordingly, use can be 

made of recorded PGAs at strong motion stations (e.g., Chapter 2) to compute a conditional 

distribution of PGAs at the DCP and SASW test sites.  

Firstly, the empirical GMPE proposed by Bradley (2010) was used to compute the unconditional 

distribution of PGAs at the strong motion stations. A mixed-effects regression was then used to 

determine the inter-event residual, , and the intra-event residuals, i’s, for each strong motion 

station (Abrahamson and Youngs, 1992; Pinheiro et al., 2008).  

Secondly, the covariance matrix of intra-event residuals was computed by accounting for the 

spatial correlation between all of the strong motion stations and a test site of interest. The joint 

distribution of intra-event residuals at a test site of interest and the strong motion stations is given 

as: 

[      

          
]   ([

 
 
]  [
      
    
      

])  (5) 

 

where X ~ N(X,) is short-hand notation for X having a multivariate normal distribution with 

mean X and covariance matrix  (i.e., as before, but in vector form); and 2-site is the variances 

in the intra-event residual at the site of interest. In Equation (5), the covariance matrix has been 

expressed in a partitioned fashion to elucidate the subsequent computation of the conditional 

distribution of site
.  The individual elements of the covariance matrix were computed from: 

 (   )                     (6) 

where i,j is the spatial correlation of intra-event residuals between the two locations i and j; and 

i and j are the standard deviations of the intra-event residual at locations i and j. Based on the 

joint distribution of intra-event residuals given by Equation (5), the conditional distribution of 

site
 was computed from (Johnson et al., 2007): 

[     |          ]   (       
                    

         
      )   (7) 

      (      |                 |          
 ) 

Using the conditional distribution of the intra-event residual at a test site of interest given by 

Equation (7) and substituting into Equation (4), the conditional distribution of the PGAi was 

computed from: 

[         |              ]   (         ̅̅ ̅̅ ̅̅ ̅̅ ̅̅          |                  |          
 ) (8) 
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It should be noted that in cases where the test site of interest was located far from any strong 

motion station the conditional distribution was similar to the unconditional distribution, and for 

test sites of interest located very close to a strong motion station the conditional distribution 

approached the value observed at the strong motion station.  

To estimate the PGAs at the DCP and SASW test sites, the unconditional PGAs were estimated 

using the empirical GMPE proposed by Bradley (2010) and the conditional PGAs were 

estimated following the approach outlined above wherein the spatial correlation model of Goda 

and Hong (2008) was used.   

Liquefaction Evaluation 

Using the PGAs determined as described above, the cyclic stress ratios (CSRs) at the DCP test 

sites, for both the Darfield and Christchurch earthquakes, were calculated following the 

methodology outlined in Youd et al. (2001). The average of the recommended range of 

magnitude scaling factors (MSFs) proposed in Youd et al. (2001) was used to compute CSRM7.5 

at the sites.   

As outlined previously, equivalent SPT N1,60 values were determined from the NDCPT values 

using Equation (1). These values were then corrected for fines content (FC) using the procedure 

proposed in Youd et al. (2001). For many of the sites, samples of the liquefiable soil were 

collected and analyzed in the laboratory to determine the FC. However, for sites where no 

samples were collected, FC = 12% was assumed, which is representative of the approximate 

fines content of soils at the sites sampled. Once the N1,60cs-SPTequiv were determined, the 

correlation proposed by Youd et al. (2001) was used to estimate the cyclic resistance ratio for a 

Mw7.5 event (i.e., CRRM7.5). Comparisons of the computed CSRM7.5 for both the Darfield and 

Christchurch earthquakes and CRRM7.5 for a test site in the eastern Christchurch suburb of Bexley 

are shown in Figure 4-30a. As shown in this figure, liquefaction is predicted to have occurred 

during both earthquakes (i.e., CSRM7.5 > CRRM7.5). However, the factor of safety against 

liquefaction (FS) is lower for the Christchurch earthquake than the Darfield earthquake; where 

FS = CRRM7.5/CSRM7.5. The lower factor of safety indicates increased severity of liquefaction. 

These predictions are consistent with field observations in Bexley made shortly after the two 

earthquakes (i.e., liquefaction occurred during both earthquakes, but was more severe during the 

Christchurch earthquake).    

To compare the predicted versus observed liquefaction at all the DCP test sites, each of the DCP 

logs was analyzed for quality and critical depths for liquefaction/thickness of the critical layers 

were selected. Logs where refusal was met within ~0.3 to 0.5 m of the start of the test were 

removed from the database, where refusal was taken as NDCPT > ~35 for more than two 4.5 cm 

drives. The reason for this is that too little of the profile was tested in these cases to make a 

meaningful interpretation. The thicknesses of the critical layers were selected based on how 

liquefaction manifested at the ground surface. In general, the selected critical layer thickness was 
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thinnest for cases of lateral spreading with no ejecta, intermediate for lateral spreading with 

ejecta, and thickest for large sand boils with no associated lateral spreading. For example, the 

profile shown in Figure 4-30a laterally spread (see Figure 4-24) and there was a significant 

amount of ejecta that vented to the ground surface nearby. Using this information, and trends in 

the NDCPT, shown in Figure 4-25b, the selected critical layer was ~2 m thick, as indicated in 

Figure 4-30a. Once the critical layers were determined for each test site, the N1,60cs-SPTequiv values, 

CSRM7.5, and CRRM7.5 were averaged over these depths. The results were plotted along with 

Youd et al. (2001) SPT CRRM7.5 curve in Figure 4-31a. 

  
(a) (b) 

Figure 4-30. Comparison of CSRM7.5 for the Darfield and Christchurch earthquakes with CRRM7.5 

for a site in Bexley (FC = 9%): (a) profiles for DCP test; and (b) profiles for SASW test. 

 

A similar procedure as that outlined above was used to compute the CSRM7.5 for the SASW test 

sites. However, the MSF proposed by Andrus and Stokoe (2000) was used instead of the average 

of the recommended range proposed by Youd et al. (2001). The reason for using slightly 

different MSFs was to be consistent with how the respective cyclic resistance ratio curves were 

developed from the observational data. Using the computed VS1, the CRRM7.5 for the test site 

profiles were calculated following the Andrus and Stokoe (2000) procedure; this procedure is 

also outlined in Youd et al. (2001). Comparisons of the computed CSRM7.5 for both the Darfield 

and Christchurch earthquakes and CRRM7.5 for a test site in the eastern Christchurch suburb of 

Bexley are shown in Figure 4-30b. Consistent with the DCP test results, liquefaction is predicted 

to occur at this site during both the Darfield and Christchurch earthquakes, with the liquefaction 
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predicted to be more severe during the Christchurch earthquake. Again, these predictions are in 

line with the post-earthquake observations. 

Using the same critical layers as selected for DCP test liquefaction evaluations, VS1, CSRM7.5, 

and CRRM7.5 were averaged over the critical depths for each test site profile. The results were 

plotted along with Andrus and Stokoe (2000) CRRM7.5 curves in Figure 4-31b. 

  

(a) (b) 

Figure 4-31. Comparison of predicted versus observed liquefaction: (a) DCPT test; and (b) 

SASW test. 

 

As shown in Figure 4-31, the liquefaction predictions made using both the DCP and SASW test 

data reasonably match field observations. This is particularly significant for the DCP data 

because a correlation was first required to convert the measured NDCPT to SPT N-values (shown 

in Figure 4-25a), and undoubtedly, this correlation is inherently uncertain. Also, the DCP was 

only able to test down to a depth of ~6 m at a maximum and usually less than about 4.5 m. 

Below this depth, NDCPT became large because of the presence of a dense layer and/or because of 

the increase in effective confining stress. Because the DCP is manually operated, performing 

tests beyond ~5 m depths becomes very laborious even in relatively loose sand deposits. The 

SASW test was able to test to deeper depths that the DCP, but was still limited to depths of ~ 6 to 

9 m with the sledge hammer source. These depth limits are true short-comings of both tests 

because at a few DCP and SASW test sites, available cone penetration test (CPT) soundings 

indicated the presence of potentially liquefiable layers deeper in the profiles. As a result, our 

selected critical layer may only be one of multiple critical layers in the profile and may not be the 

most critical. 

Also from Figure 4-31, it can be noted that most of the DCP and SASW tests were performed at 

sites that liquefied, with a paucity of data from sites that did not liquefy. The reason for this is 
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the manifestation of liquefaction at the ground surface is a definite indication that liquefiable 

soils are present. Several no-liquefaction sites were investigated, especially ones adjacent to sites 

that liquefied. However, in the majority of these cases we were not able to find a sandy stratum 

below the ground water table in the upper ~5 m of these sites using the hand-auger. As a result, 

DCP tests were not performed at these sites, and the sites were not included in the DCP database.  
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5. PERFORMANCE OF IMPROVED GROUND 

The performance of four improved ground sites is discussed in this chapter. Three of the sites 

were treated with stone columns (i.e., Ferrmead Apartment Building, AMI Stadium, and 

Motorway Bridge Approaches). The last site (i.e., St. Andrews School) was “treated” with 

screw piles.   

Ferrymead Apartment Building 

The Waterside apartment building (-43.5577°, 172.7066°), indicated by the dashed white line 

in Figure 5-1, is situated between the Avon-Heathcote Estuary to the north and Ferry Rd to 

the south, and immediately west of the Ferrymead Bridge. The structure consists of a 6-story 

precast concrete panel building with a single basement level carpark (Figure 5-2). The 

geotechnical engineer for the project indicated that the building is supported on shallow 

foundations overlying stone columns. Large volumes of ejecta were evident in the area, with 

sand boils still present in the estuary adjacent to the structure. Two lateral spread cracks were 

noted on the north side of the building between the water and the building. The crack closest 

to the water had a maximum width of 13 cm and the crack closest to the building had a 

maximum width of about 4 cm. The larger crack extended along the top of the embankment 

north of Tidal View Rd, and additional cracking was present between the road and building. 

 

Figure 5-1.  Aerial view of Ferrymead apartment building indicating surrounding ejected 

material (LINZ 2011). (-43.5577°, 172.7066°) 

Conversations with the property owner suggested that the building had settled and had a 

slight tilt toward the water. Measurements by the GEER team indicated that the building has 
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settled between 4 and 8 cm. On the north side of the building, separation walls on the ground 

surface showed differential movement (Figure 5-3). The separation walls sloped downward 

towards the building at an angle of about 0.4 to 0.5 degrees (Figure 5-3a). This caused the 

caulk in the expansion joint to be compressed at the top of the wall (Figure 5-3b). Three of 

the glass panels that were mounted on top of the separation walls were shattered (Figure 5-

3a), likely due to the compression of the glass against the deck above; cracking of the wall 

connection beneath this was also evident. The separation walls on the south side of the 

building also sloped downward toward the building at an angle of about 0.8 degrees. 

Cracking along concrete walkways extending out from the structure also indicated 

differential settlement of the building relative to the ground north of the building (Figure 5-

4). 

Significant flooding occurred in the basement (Figure 5-4), with sand having flowed up 

through the drains in the basement slab. Upon the GEER team’s arrival on 3 March 2011 a 

work crew was repairing a ruptured water line on the north side of the building, and a pump 

was being used to remove water from the basement that had been flooded. Workers were also 

removing sand from the basement. The water level had dropped to within a few inches at the 

time of the team’s inspection, as indicated by high water marks on the basement wall.  

 

 

Figure 5-2. Photograph of apartments looking toward the south west. (-43.5577°, 172.7066°) 
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(a) 

 

(b) 

Figure 5-3. Photograph of separation walls on the north side of the building. Note the (a) 

sloping of the separation walls and shattered glass panels, and (b) compression of caulk at top 

of expansion joint. (-43.5577°, 172.7066°) 

 

 

Figure 5-4. Differential settlement along concrete walkway between patios and surrounding 

ground north of the building. (-43.5577°, 172.7066°) 
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Figure 5-5. Photograph of the basement parking garage. Note the high water mark on the 

walls. (-43.5577°, 172.7066°) 

 

AMI Stadium 

AMI Stadium (-43.5419°, 172.6541°), Figure 5-6, is located in an area that extensively 

liquefied during the 22 February earthquake. All four stands has shallow foundation systems, 

and suffered varying levels of damage. The Hadlee Stand, with no ground improvement 

measures, suffered severe structural damage and has been recommended for demolition.  The 

Tui Stand, constructed on a fill platform to raise its level, and suffered less severe structural 

damage during the earthquake. 

Both the Paul Kelly and Deans Stands were constructed on stone columns installed within 

their footprint. The Deans Stand has shallow foundations connected by grade beams built 

upon 8 m deep stone columns, while the Paul Kelly Stand has a slab foundation up to a meter 

thick founded on 9 m deep stone columns. Both stands suffered structural damage from 

differential settlements and the ground shaking, which was approximately 30% larger than 

design levels. 

The Paul Kelly Stand, constructed in 2000, settled by up to 400 mm, with settlement 

variations of approximately 70 mm The thick slab beneath the structure prevented any ejected 

material from coming up within the structural footprint. The Deans Stand, built in 2008, 

developed similar overall settlements, but with much larger variations in settlement across the 

structure of up to 300 mm.   
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Figure 5-6. AMI Stadium. (-43.5419°, 172.6541°) 

The Paul Kelly stand settled by up to 400 mm, with settlement variations of approximately 70 

mm The thick slab beneath the structure prevented any ejected material from coming up 

within the structural footprint. The Deans stand developed similar overall settlements, but 

with much larger variations in settlement across the structure of up to 300 mm. Stones 

columns (600 mm in diameter) were installed beneath the Deans Stand to a depth of 8-10 m 

below grade. The stone columns were installed on approximately 2.5 m c-c spacing in an arc 

pattern that extending slightly outside of the footprint of the stand (see Figure 5-7). No 

liquefaction was evident in the northern part of the Deans Stand, however, there was a large 

area with surface evidence of liquefaction beneath the southern part of this stand.  

Deans 
Stand 

Tui 
Stand 

Paul 
Kelly 
Stand 

Hadlee 
Stand 

N 
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Figure 5-7. Stone column installation plan for the Deans Stand of AMI Stadium 

 

Significant liquefaction occurred on the field. However, due to mesh below the turf 

liquefaction “blisters” formed, Figure 5-8, more so than sand boils. The blisters formed 

undulations up to 70 cm high across the field.  

Stone Columns
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Figure 5-8. Liquefaction “blisters” and sand boils on the AMI Stadium field. (-43.541397°, 

172. 654521°) 

 

Shear wave Velocity Measurements 

SASW tests were performed at four locations at AMI Stadium, one on the playing field (AMI 

Field), two under Deans Stand (AMI SC1 and AMI SC2), and one just outside of Deans 

Stand (AMI Columns). The locations were the SASW tests were performed are shown in 

Figure 5-9.  
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Figure 5-9. Aerial photo of AMI Stadium indicating the locations of four SASW arrays: AMI 

Field: -43.54161°, 172. 65452°; AMI Columns: -43.54128°, 172. 65562°; AMI SC1: -

43.54138°, 172. 65501°; AMI SC2: -43.54236°, 172. 65514°. 

 

The SASW array at the AMI field test site was located on the northeastern portion of the 

playing field in an area surrounded by sand blisters and boils Figure 5-10. The results are 

presented in Figure 5-11 and Table 5-1. 

 
Figure 5-10. SASW array at AMI Field. (-43.54161°, 172. 65452°) 

AMI Field AMI SC1

AMI SC2
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Figure 5-11. Shear wave velocity profile for AMI Field test site. (-43.54161°, 172. 65452°) 

 

Table 5-1.  Shear wave velocity profile for AMI Field test site. (-43.54161°, 172. 65452°)  

Layer 

No. 

 

Thickness 

(m) 

Depth to 

bottom 

(m) 

P-wave 

velocity 

(m/s) 

Shear wave 

velocity 

(m/s) 

Poisson's 

Ratio 

Unit 

Weight 

(kN/m
3
) 

1 0.2 0.2 110 60 0.30 13 

2 1.7 1.9 170 90 0.30 13 

3 1.1 3.0 1520 90 0.50 13 

4 3.2 6.2 1520 150 0.50 14 

Note: maximum depth of the profile is approximately equal to maximum experimental 

wavelength/two. 

 

AMI Columns test site is located just outside the northeastern stadium walls. The array was 

located within 1 meter, and parallel to, a row of drilled shaft-supported columns (Figure 5-

12). The columns were placed on approximately 7.5 m c-c spacing. Ground deformations 

were present around the columns and sand boils were present in and around the array. The 

results are presented in Figure 5-13 and Table 5-2. 
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Figure 5-12. SASW array at AMI Columns test site. (-43.54128°, 172. 65562°) 

 

 

 
Figure 5-13. Shear wave velocity profile for AMI Columns test site. (-43.54128°, 172. 

65562°) 
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Table 5-2.  Shear wave velocity profile for AMI Columns test site. (-43.54128°, 172. 65562°) 

Layer 

No. 

Thickness 

(m) 

Depth to 

bottom 

(m) 

P-wave 

velocity 

(m/s) 

Shear wave 

velocity 

(m/s) 

Poisson's 

Ratio 

Unit 

Weight 

(kN/m
3
) 

1 0.5 0.5 380 210 0.30 16 

2 1.4 1.9 310 170 0.30 14 

3 7.3 9.2 1520 120 0.50 14 

4 1.5 10.7 1520 180 0.49 19 

Note: maximum depth of the profile is approximately equal to maximum experimental 

wavelength/two. 

 

AMI Stone Columns 1 (SC1) test site was located under the north end of the Deans Stand in a 

parking facility. A photo of the array setup is shown in Figure 5-14. In this area, there was 

about 5-8 cm of asphalt pavement and 10 cm of base material. There was no evidence 

liquefaction around the array or in the most northern part of Deans Stand. The results are 

presented in Figure 5-15 and Table 5-3. 

 

 
Figure 5-14. SASW array at AMI SC1 test site. (-43.54138°, 172. 65501°) 

SASW Array
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Figure 5-15. Shear wave velocity profile for AMI SC1 test site. (-43.54138°, 172. 65501°) 

 

Table 5-3.  Shear wave velocity profile for AMI SC1 test site. (-43.54138°, 172. 65501°) 

Layer 

No. 

 

Thickness 

(m) 

Depth to 

bottom 

(m) 

P-wave 

velocity 

(m/s) 

Shear wave 

velocity 

(m/s) 

Poisson's 

Ratio 

Unit 

Weight 

(kN/m
3
) 

1 0.4 0.4 630 340 0.30 19 

2 1.4 1.8 330 180 0.30 16 

3 4.3 6.1 1520 180 0.49 16 

4 2.3 8.4 1520 270 0.48 19 

Note: maximum depth of the profile is approximately equal to maximum experimental 

wavelength/two. 

 

 

AMI Stone Columns 2 (SC2) test site was located under the south end of Deans Stand. Again, 

this area was treated with stone columns, as described above. However, significant 

liquefaction occurred in the area of this test site, as shown in Figure 5-16. The results are 

presented in Figure 5-17 and Table 5-4. 
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Figure 5-16. SASW array at AMI SC2 test site. (-43.54236°, 172. 65514°) 

 

 
Figure 5-17. Shear wave velocity profile for AMI SC2 test site. (-43.54236°, 172. 65514°) 
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Table 5-4.  Shear wave velocity profile for AMI SC2 test site. (-43.54236°, 172. 65514°) 

Layer 

No. 

 

Thickness 

(m) 

Depth to 

bottom 

(m) 

P-wave 

velocity 

(m/s) 

Shear wave 

velocity 

(m/s) 

Poisson's 

Ratio 

Unit 

Weight 

(kN/m
3
) 

1 0.4 0.4 380 210 0.30 16 

2 1.4 1.8 230 120 0.30 14 

3 3.7 5.5 1520 150 0.49 14 

4 1.8 7.3 1520 280 0.48 19 

Note: maximum depth of the profile is approximately equal to maximum experimental 

wavelength/two. 

 

 

 Motorway Overpass Approaches 

As part of the Christchurch Southern Motorway construction project, stone columns were 

installed beneath overpass bridge approaches at Barrington St (-43.5480°, 172.6101°) and 

Curletts Rd (-43.5478°, 172.5789°) interchanges. Stone column construction was still 

underway during the September 2010 Darfield earthquake, however no damage to these 

structures was reported. The stone columns had been completed prior to the Christchurch 

earthquake, with embankments built up and undergoing consolidation when the earthquake 

occurred. The greatest depth of stone columns at these sites is 18 m. The embankments at 

both sites were constructed using MSE abutment walls, consisting of concrete wall elements 

and embedded steel strips. No evidence of liquefaction was found at either site. 

At Barrington St interchange, MSE wall construction had been completed and the 

embankments had been built up and were undergoing consolidation for approximately 6 

months. Figure 5-18 shows the layout of the site; no damage to the MSE walls noted as a 

result of the earthquake. Curletts Rd interchange in Figure 5-19 not as far along, with the full 

height of the MSE walls yet to be reached on the western abutment (Figure 5-20), and 

construction had yet to commence on the walls of the eastern abutment.  Preload had been 

placed and consolidation was underway on the western abutment, where up to 600 mm of 

settlement was expected at the western abutments at this site [NZTA 2011]. No damage was 

evident at this site and only minor surface slope movement occurred in the preload material. 
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Figure 5-18. Aerial view of Barrington St interchange MSE walls in later stages of 

construction. (-43.5480°, 172.6101°) 

 

 

 
Figure 5-19. Aerial view of Curletts Rd interchange western abutment MSE wall in early 

stages of construction. (-43.5478°, 172.5789°) 

 



5-16 
 

 
Figure 5-20. Partial construction of the MSE walls for the Curletts Rd interchange western 

abutment. (-43.5478°, 172.5789°) 

 

St Andrews School 

The St Andrews School (-43.508903°, 172.612942°) is located in the suburb of Merivale and 

was affected by liquefaction during both the 4 September 2010 Darfield and the 22 February 

2011 Christchurch earthquakes. Following the Darfield event there was some evidence of 

liquefaction, with the majority of the ejected material coming to the surface along a 

depression or old creek bed on the edge of the school grounds (white circled area in Figure 5-

21). In this area a small, a two storey building was damaged and subsequently condemned as 

a result of lateral spreading and settlement. Aerial photographs taken shortly after the 

February event are shown in Figure 5-21. In this photo, a significant amount of ejecta can be 

observed, which is from the 22 February event.  

During the GEER teams inspection, large amounts of ejecta was still on the school grounds 

and the surrounding areas, and lateral spreading cracks were evident throughout. Witnesses 

indicated that a section of the newly poured hockey field slabs (paved area within dashed 

black square) uplifted by approximately 100 mm due to the ejection of liquefied material, 

before dropping back down to the original level after the event. 
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Figure 5-21.  Aerial photograph of St Andrews School following 22 February 2011 (LINZ 

2011). (-43.508903°, 172.612942°) 

 

Prior to the 22 February event, renovation and demolition was carried out on the Preparatory 

School buildings at St Andrews. A new, two-storey structure was constructed that is founded 

on 18 m deep, 350 kN screw piles. This building connected two existing structures that are 

founded on shallow raft foundations. The layout of these structures is shown in Figure 5-22, 

both before and after the February earthquake. In Figure 5-22a, the buildings outlined in 

yellow were demolished as part of the renovations prior to the February event. However, 

these building were present at the time of the September event, with no evidence of damage 

or movement observed as a result of the earthquake. The buildings outlined in red in Figure 

5-22a are the two structures that are founded on shallow raft footings that remained after the 

renovations, as shown in the post-renovation photo in Figure 5-22b. A schematic of the post-

renovation layout of the structure is shown in Figure 5-23. (Note that this figure also shows 

the locations and directions of photographs presented subsequently in this chapter.). The 

ground to the northeast edge of structure was relatively flat, and sloped away gradually to the 

northwest. The ground to the southwest was level, before dropping down 2 m at the retaining 

wall shown in the figure.  To the south the ground sloped down approximately 2 m from the 

southeast to the southwest corner. 
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(a) (b) 

Figure 5-22. St Andrews Prep School buildings (a) prior to renovation with buildings that 

remain outlined in red and those demolished in yellow (Google 2010); (b) post-renovation 

aerial image showing the new building that is founded on screw piles. Also shown in this 

image is an extension to shallow foundation sections of structure outlined in dashed red 

(LINZ 2011). (-43.508903°, 172.612942°) 

 

 

Figure 5-23. Layout of the Preparatory School indicating photo positions. (-43.508396°, 

172.612766°) 
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Lateral spreading at the site was evident with movement to the northwest, as illustrated in 

Figure 5-23. A lateral spread crack passed underneath the building and resulted in the 

separation of an expansion joint between portions of the building founded on screw piles and 

raft foundation. The portion of the structure on the shallow foundation moved away from the 

pile founded portion by ~200 mm and settled by ~200 mm, while the piled portion of the 

structure remained in place. Internal and external photos of the gap formed by the spreading 

are shown in Figure 5-24. A ramp was constructed to account for the differential movement, 

as shown in Figure 5-25.  

 

 

 

(a) (b) 

Figure 5-24. (a) Lateral spread crack propagating through and opening seismic gap in 

structure (position 1); (b) Opening of seismic gap and settlement between structures on piles 

and shallow foundation (position 2). (Position locations shown in Figure 5-23.) 

 

 

Figure 5-25. Ramp construction to mitigate differential movement between structures 

(position 2). (Position locations shown in Figure 5-23.) 
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A summary of the differential settlement between the structures and the surrounding ground 

is shown in Figure 5-26. These measurements show that shallow founded portions of the 

building settled almost evenly with the surrounding ground, while the pile supported portion 

did not move, rather the surrounding ground settled by up to 10” (25 cm). Some examples of 

these movements are shown in Figure 5-27. The settlement of 7.5” on the shallow founded 

section to the north seems to be due to movement of fill material away from the structure and 

down the slope, as indicated in Figure 5-23. Other than this position, Figure 5-28 shows that 

the level of the shallow foundation structure and the surrounds are almost even. 

 

 

Figure 5-26. Measured ground settlement compared to structure. (-43.508396°, 172.612766°) 
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(a) (b) 

  
(c) (d) 

Figure 5-27. Settlement of ground around pile supported structure:  (a) 20 cm, position 3; (b) 

25 cm, position 4; (c) 25 cm, position 6; (d) 25 cm, position 7. (Position locations shown in 

Figure 5-23.) 

 

  
(a) (b) 

Figure 5-28. The difference between the level of the shallow founded portions of the building 

and the surrounding ground was minimal: (a) position A; (b) position B. (Position locations 

shown in Figure 5-23.) 
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Relative movement of the pile supported portion of the building and the surrounding ground 

resulted in damage to external stairs shown in Figure 5-29. The stairs were attached to the 

side wall of the original, shallow founded portion of the structure and lead to an entrance to 

the new, pile supported structure. When the area settled, the stairs were dragged down by the 

original structure as it settled, while the top of the stairs were restrained by the piled structure 

which remained in place. The result was a 7° slope of the stairs towards the original structure 

as shown in Figure 5-29a. This figure also shows damage to the anchorage reinforcement 

between the wall and the stairs, indicating both differential vertical and horizontal movement. 

The shallow founded building seems to have moved away from the stairs. 

 

  
(a) (b) 

Figure 5-29. Damage to stairs from differential movement of pile and shallow foundation 

supported structures at position 5. (Position locations shown in Figure 5-23.) 

 

Apart from the gap in the construction joint that widened as a result of lateral spreading and 

stairs, none of the above ground portion of the structures suffered any distress. Settlements of 

the shallow founded sections were even, and the only required repair was backfilling of 

settled areas under and around the piled structure. A buried tank adjacent to the piled 

structure can be seen in Figure 5-30. As shown in this figure, the ground around the tank 

settled, exposing the tanks position at the surface. 
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Figure 5-30. Settlement of ground around the roped off buried tank structure. (-43.508389°, 

172.612489°) 

 

SASW and DCP tests were performed on a sports playing field at St Andrews School, as 

shown in Figure 5-31. As may be observed from this figure, the test site had sand blows 

throughout. A photograph of the SASW test array is shown in Figure 5-32, and the results 

from both the SASW and DCP tests are shown in Figure 5-33, with the SASW test data 

tabulated in Table 5-4. As shown in Figure 5-33, the ground water table is at a depth of 

approximately 1.3 m and the depth to the top of the liquefiable layer was around 2.84 m. 

(Note that a hole was hand augered to the top of the liquefiable layer and then the DCP test 

was started.).  

 

 

Figure 5-31. Site photo of St. Andrews School (Post Christchurch EQ) showing the location 

of the SASW array. (-43.50953°, 172.61291°) 

St. Andrews 

School
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Figure 5-32. SASW array at St. Andrews School test site. (-43.50953°, 172.61291°) 

 

  
(a) (b) 

Figure 5-33. In-situ data from test site located on a sports field at St Andrews School: (a) 

SASW shear wave velocity profile; and (b) DCP blow count profile. (-43.50953°, 

172.61291°) 
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Table 5-5.  Shear wave velocity profile for St. Andrews School test site. (-43.50953°, 

172.61291°) 

Layer 

No. 

 

Thickness 

(m) 

Depth to 

bottom 

(m) 

P-wave 

velocity 

(m/s) 

Shear wave 

velocity 

(m/s) 

Poisson's 

Ratio 

Unit 

Weight 

(kN/m^3) 

1 1.3 1.3 140 70 0.30 13 

2 1.5 2.8 1520 70 0.50 13 

3 1.5 4.3 1520 130 0.50 14 

4 7.3 11.6 1520 200 0.49 16 

Note: maximum depth of the profile is approximately equal to maximum experimental 

wavelength/two. 
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6. PERFORMANCE OF STOPBANKS 

Shortly after their arrival in the Canterbury area in the mid-nineteenth century, the western 

settlers started constructing drainage systems and levees along rivers (Larned et al., 2008). 

Particularly, flooding of the Waimakariri River and tributaries posed a constant threat to the 

Christchurch and Kaiapoi areas. The current levee system is a culmination of several coordinated 

efforts that started in earnest in the 1930s and is comprised of both primary and secondary levee 

systems. The primary levee system is designed for the 450 year flood. Damage estimates for 

scenarios where the flood protection system is breached have been assessed at approximately 

NZ$5 billion (van Kalken et al., 2007). As a result, the performance of the levee system during 

seismic events is of critical importance to the flood hazard in Christchurch and surrounding 

areas.  

During the 2010 Darfield and 2011 Christchurch earthquakes, stretches of levees were subjected 

to motions having peak horizontal ground accelerations (PGAs) of approximately 0.32g and 

0.20g, respectively. Consequently, in areas where the levees were founded on loose, saturated 

fluvial sandy deposits, liquefaction related damage occurred (i.e., lateral spreading, slumping, 

and settlement). The performance summary presented herein is the result of field observations 

and analysis of aerial images (NZAM 2010, 2011), with particular focus on the performance of 

the levees along the eastern reach of the Waimakariri River and along the Kaiapoi River.  

In the sections that follow, background information about the levee system is first presented. 

This is followed by an overview of the performance of the levees during the Darfield and 

Christchurch earthquakes. Next, the relationship between the severity of damage to the levees 

along the downtown stretch of the Kaiapoi River and the response of the foundation soils are 

discussed. 

Background of Stopbank System 

The Waimakariri River flows from the Southern Alps, across the Canterbury Plains between 

Christchurch, to the south, and Kaiapoi, to the north, and empties into Pegasus Bay in the East 

(Figure 6-1). The river drains a mountainous catchment area of 3566 km
2
 and poses the most 

significant flood hazard in New Zealand (van Kalken et al., 2007). Early efforts by western 

settlers to realign and contain the river within its banks were piecemeal and only partially 

successful (e.g., Wotherspoon et al., 2011). To better coordinate the efforts and to ensure equal 

flood protection to both Christchurch and Kaiapoi, the Waimakariri River Trust was established 

in 1923 (Griffiths, 1979). In response to the 1926 floods (Figure 6-2), the Trust implemented a 

major river improvement scheme in 1930, known as the Hays No. 2 Scheme. Among other 

things, the scheme entailed an overall improvement of the levee system along the Waimakiriri 

River. However, these improvements were unable to prevent the major floods in 1940, 1950, and 

1957. These floods prompted a further river improvement scheme in 1960, which entailed 

benching existing levees and construction of new levees.   
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The mean annual flow of the Waimakariri River is 120 m
3
/s. However, in 1957 the largest flood 

on record occurred, with an estimated peak discharge of 4248 m
3
/s (Griffiths, 1979). This flood 

was initially estimated to have a 100 year return period (Griffiths, 1979) but was later revised to 

an approximately 450 year return period (Heslop, 2010), and essentially served as the design 

basis flood for the levee improvement scheme implemented in the 1960s. Flood protection now 

includes approximately 100 km of levees. 

 
Figure 6-1. Canterbury region of New Zealand.  

 

 
Figure 6-2. 1926 photograph of the Waimakariri River overflowing its banks in Christchurch. 

(Te Ara Encyclopedia of New Zealand, 2010) 
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A typical levee cross section in the Canterbury region has 3:1 horizontal to vertical slopes on 

both the river and land sides (Figure 6-3). They range in height from 3-5 m above the subgrade 

and have a 4-m wide top, which also serves as an access road. A flood event originating in the 

headwaters of the Waimakariri River takes approximately 1.5 days to travel downstream before 

it reaches the levee system that protects Christchurch and surrounding areas. At its crest, the 450 

year event would leave 90 cm of freeboard, but may only last for four hours (Heslop, 2010). 

The levees were often constructed by pushing up river gravels and silts. A typical cross section is 

made up of a gravel core with 1-m thick silt cap, which extends from the river side across the top 

(Figure 6-3). The levees typically sit on sandy soils at or near the ground water level. A toe filter 

was also constructed on the land side of the levee to prevent piping of sand during a high water 

event. During the 1960 river improvement scheme, some new levees were constructed and 

benches were added to some of the existing levees, both of which were compacted using 

vibrating rollers (Boyle, 2010). However, no compaction control or foundation analysis was 

conducted (Heslop, 2010).  

 

Figure 6-3. Typical geometry and soil composition of levee cross section. 
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Seismic Performance of Stopbanks 

The GEER team performed damage surveys along stretches of the primary and secondary levees 

for the Waimakariri River and along the primary levees for the Kaiapoi River following both the 

2010 Darfield and 2011 Christchurch earthquakes. The surveys were performed on foot, in an 

automobile, and from a helicopter. Additionally, the GEER team used high resolution aerial 

images to aid in the damage survey and corresponded with the Environment Canterbury (ECan) 

personnel (Ian Heslop and Tony Boyle). Heslop and Boyle oversaw the post-earthquake damage 

assessments performed by a local consulting firm and continue to oversee the repairs to the 

sections of the damaged levees. Below is a summary of the levee performance along the eastern 

reach of the Waimakariri River and along the Kaiapoi River.   

As a result of the damage caused by Darfield Earthquake, ECan estimated that the flood capacity 

of the Waimakariri levee system had been reduced from a 450 year event (4730 m
3
/s) to 

approximately a 15 year event (1500 m
3
/s).  Subsequently, concerns were raised when river 

flows rose to approximately 1000 m
3
/s in the days following the Darfield earthquake (Boyle, 

2010, Heslop 2010). ECan proceeded with repairs to the most severely damaged sections of 

levees within weeks of the Darfield earthquake.  Repairs progressed from severely damaged 

areas to those with only minor damage. By December 2010, the reconstruction had increased the 

flood protection capacity of the system to 2500 m
3
/s or 1 in 20 year return flood event (Heslop, 

2011). These reconstruction costs, as a result of the Darfield earthquake, were approximately 

$NZ 4 million, which was at the upper bound of the estimate provided by ECan shortly after the 

earthquake (Heslop 2010).    

Damage repair to the levee system on the Waimakariri River was nearly complete at the time of 

the February 2011 Christchurch earthquake, with the system having been returned to a 3000 m
3
/s 

or 1 in 30 year event in December of 2010. The Christchurch earthquake reduced the flood 

protection capacity back to 2500 m
3
/s or a 1 in 20 year return flood event. As of July 2011, the 

restoration work has nearly been completed, increasing the capacity to 4000 m
3
/s or a 100 year 

flood event. ECan estimates that an additional $NZ 2 million in damages to the levees were 

caused by the Christchurch earthquake (Heslop, 2011). Total restoration to pre-Darfield 

earthquake flood capacity is expected by end of 2011. There was minor damage to the levee 

system caused by the 13 June 2011, Mw6.0 aftershock, but it did not result in a reduction in flood 

capacity.   

The majority of the damage to the levees resulting from both the Darfield and Christchurch 

earthquakes occurred east of  SH1 as depicted in Figure 6-4 (note, SH1 is shown in Figure 6-7). 

In Figure 6-4, damage severity is categorized using the scale developed by Riley Consultants 

(2010, 2011). The scale has five grades that range from No Damage to Severe Damage, as 

summarized in Table 6-1. As may be observed from Figure 6-4, the damage patterns to the 

levees following both earthquakes are very similar, but are in general less severe for the 

Christchurch earthquake as compared to the Darfield earthquake. Note that some portions of the 
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levees were already under repair by the time the GEER team were able to inspect them following 

the Christchurch earthquake. In these cases, the GEER team supplemented their field 

observations, to the extent possible, with both observations from high resolution aerial images 

taken the day after the Christchurch earthquake and field observations made by ECan consultants 

(Riley Consultants, 2011).   

 

(a) 

 

(b) 

Figure 6-4. Observed damage to levees following the (a) 4 September 2010, Mw7.0 Darfield 

earthquake and (b) 22 February 2011, Mw6.1 Christchurch earthquake.  (Adapted from Riley 

Consultants, 2010, 2011).  
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The majority of the damage to the levees was a consequence of liquefaction in the foundation 

soils that result in lateral spreading, slumping, and/or settlement. The damage mostly manifested 

as longitudinal cracks running along the crest of the levees (Figure 6-5a). Although not desirable, 

moderate crack widths for this mode of damage are not believed to be critical to the functionality 

of the levees because it does not provide a direct seepage path from one side of the levee to the 

other. However, there is always the potential for these longitudinal cracks to connect undetected 

transverse cracks or flaws that only penetrate partway through opposite sides of the levee. Such a 

tortuous seepage path could potentially enlarge rapidly due to internal erosion and piping at high 

river levels.   

Transverse cracks in the levees were less commonly observed than longitudinal cracks and were 

often associated with sharp bends along the length of the levees and/or slumping of the 

embankment (Figure 6-5b). Because these cracks provide a direct seepage path from one side of 

the levee to the other, they can severely impact the functionality of the levees. Even transverse 

cracks having minor widths could potentially enlarge rapidly due to internal erosion and piping 

at high river levels and lead to the failure of that section of the levee.  

Settlement of levee sections resulted from both post-liquefaction consolidation in the foundation 

soils and bearing capacity failures due to the reduced strength of the liquefied foundation soil. In 

addition to the degradation in levee functionality due to cracking associated with the settlement 

(similar to that discussed above), settlement also reduces the amount of freeboard at high river 

levels. The significance of this loss is dependent on magnitude of the settlement, but in general it 

is not thought to be a significant issue with the levee system.  

Another liquefaction related mode of degradation to the levees’ capacity is where liquefaction 

and/or lateral spreading formed on both sides of the levee. In these cases a potential flow path is 

formed down through the vertical feeder dike on the river side of the levee, laterally through the 

source stratum under the levee, and up through the vertical feeder dike on the other side of the 

levee. Extensive liquefaction was observed on both sides of the levee along an approximate 0.5 

km stretch of the Waimakariri River on Coutts Island Rd (Figure 6-6). From interviews with 

local land owners and review of maps of the area from 1865, this area was part of an old river 

channel (Wotherspoon et al., 2011). Additionally, borings performed by the GEER team using a 

hand auger showed a deep sand deposit along this 0.5 km stretch of levee and buried sticks and 

logs on both ends, consistent with an old river channel and river channel banks.   

Severity of Damage and Foundation Soils 

To examine the relationship between the severity of the induced damage to the levees and the 

liquefaction response of the foundation soil, a stretch of levees along the Kaiapoi River was 

examined in more depth. As shown in Figure 6-4, these levees sustained damage ranging from 

No Damage to Severe Damage (Table 6-1). Following the Darfield earthquake, the New Zealand 

Earthquake Commission (EQC) contracted a local firm to perform a series of cone penetration 
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tests (CPT), among other in-situ tests, throughout North and South Kaiapoi (Tonkin and Taylor, 

2010). The locations of the CPT soundings performed on, or adjacent to, the levees along the 

Kaiapoi River are shown in Figure 6-7.  

 

 
(a) 

 
(b) 

Figure 6-5. Cracks in levee: (a) Example of longitudinal cracks running along the crest of the 

levee; and (b) Example of transverse (or oblique) crack in levee.  
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(a) 

 

 
(b) 

 

Figure 6-6. (a) Large sand boil on landside of the levee on Coutts Island Rd. (b) Large sand boil 

on riverside of the same section of the levee.  
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Table 6-1. Damage severity categories (Riley Consultants, 2010, 2011) 

Category Description 

No 

Damage 

No observed damage 

Minor 

Damage 

Cracks up to 5 mm wide and/or 300 mm deep. Negligible settlement of crest. 

Moderate 

Damage 

Cracks up to 1 m deep. Some settlement of crest. 

Major 

Damage 

Cracks greater than 1 m deep. Evidence of deep seated movement and/or 

settlement. 

Severe 

Damage 

Severe damage or collapse. Gross lateral spread and/or settlement, cracks showing 

deformation of 500 mm or more. 

 

 

 

Figure 6-7. Locations of CPT soundings on or adjacent to levees.  

 

Representative CPT soundings from the north and south banks of the Kaiapoi River are 

presented in Figures 6-8a and 6-9a. From interpreting twenty seven such CPT logs, as well as 

available borehole data (Tonkin and Taylor, 2011), the soil profile along the north bank of the 
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Kaiapoi River east of the Williams Street Bridge is characterized by approximately 4 m of very 

loose to loose sand overlying approximately 4 m of loose to medium dense gravelly sand. Below 

approximately 8 m, the sand and gravel layers tend to be significantly denser than the overlying 

layers. The depth to the ground water table varies, but is approximately 1.5 m deep. On the south 

bank of the Kaiapoi River east of the Williams Street Bridge, the soil profile is characterized by 

approximately 6 m of very loose to loose silty sand/sand overlying an approximately 2-m thick 

layer of loose to medium dense sand/gravelly sand. Samples of the liquefiable soils taken 

adjacent to the levees on the north bank had fines contents around 15%, with the fines being non-

plastic. Below approximately 8 m the sand and gravel layers tend to be significantly denser than 

the overlying layers. The ground water table is approximately 2 m deep.  

Using the twenty seven Kaiapoi levee CPT soundings and two additional soundings performed 

adjacent to the levees along the southern bank of the Waimakariri River in Kainga and 

Brooklands, the liquefaction of the foundation soils was analyzed following the procedures 

outlined in Youd et al. (2001). The strong motion seismograph station KPOC is located in North 

Kaiapoi (Figure 6-7) and recorded both earthquakes. The geometric mean of the horizontal peak 

ground accelerations (PGA) of the motions recorded during the Darfield and Christchurch 

earthquakes were 0.32g and 0.20g, respectively. The distance from the strong motion station to 

the CPT sounding locations ranges from approximately 0.7 to 3.7 km, with the majority of the 

soundings being located less than 1 km from the station. Because of this close proximity, 0.32g 

and 0.20g PGAs were used to compute the cyclic stress ratios (CSRs) imposed on the soil at all 

the sounding locations during the Darfield and Christchurch earthquakes, respectively.  

Figures 6-8b and 6-9b show the results from the liquefaction evaluation for the two 

representative CPT soundings mentioned above. In these figures, the cyclic resistance ratio 

(CRR) for each profile and the CSRs for both events are plotted together, where both the CRR 

and CSR are adjusted to a Mw7.5 earthquake. For liquefiable soils (i.e., gravels, sands and 

cohesionless silts), liquefaction is predicted to have occurred at depths where the CSRM7.5 > 

CRRM7.5. Accordingly, for both profiles, liquefaction is predicted to have occurred during the 

Darfield earthquake for almost the entire depth from the ground water table to the top of the 

dense gravel/sand layer (i.e., to ~7.5 m and ~11 m for the north and south river banks, 

respectively). However, during the Christchurch earthquake, marginal liquefaction is predicted to 

occur at a few isolated depths within both profiles.  
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(a) (b) 

Figure 6-8. (a) Representative CPT sounding for the north bank of the Kaiapoi River; (b) 

Liquefaction evaluation of the site for both the Darfield and Christchurch earthquakes.  

 

 

 

 

(a) (b) 

Figure 6-9. (a) Representative CPT sounding for the south bank of the Kaiapoi River; (b) 

Liquefaction evaluation of the site for both the Darfield and Christchurch earthquakes.  
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In an attempt to relate the severity of the observed levee damage to the liquefaction response of 

the foundation soil, plots of factor of safety against liquefaction versus damage index (i.e., FSLiq 

vs. DI) and thickness of the liquefied layer versus damage index (i.e., T vs. DI) were made for 

the 29 CPT soundings analyzed. Note, damage index corresponds to the damage categories 

proposed by Riley Consultants (2010, 2011): 1 = No Damage, 2 = Minor Damage, 3 = Moderate 

Damage, 4 = Major Damage, and 5 = Severe Damage. Linear regressions were performed on the 

data, where first the data from the two earthquakes were kept separate (Figure 6-10) and then 

they were combined (Figure 6-11). In developing these plots, the sections of the levees that were 

under repair at the time of the GEER team’s field inspections were assumed to have DI = 4. The 

basis for this is that the fact the sections were given high priority for repair implies that the 

sustained damage was significant. However, because the intensity of shaking during the 

Christchurch earthquake at these locations was significantly less than that during the Darfield 

earthquake, it is likely that the levels of damage induced by the Christchurch earthquake were 

less severe than that from the Darfield earthquake.   

Expected trends can be identified in all plots (i.e., the damage index increases as the factor of 

safety against liquefaction decreases and as the thickness of the liquefied layer increases). 

However, the strength of the trends, as indicated by the correlation coefficients (r
2
), varies 

between the two earthquakes when the data is treated separately. For example, for the Darfield 

earthquake, the lowest correlation coefficient (r
2
 = 0.147) is for T vs. DI, but T vs. DI has the 

highest correlation coefficient (r
2
 = 0.625) for the Christchurch earthquake. In contrast, the 

correlation coefficients for FSLiq vs. DI are relatively consistent for both the Darfield and 

Christchurch earthquakes (i.e., r
2
 = 0.562 and r

2
 = 0.595, respectively). When the data from the 

two earthquakes are combined, r
2
 = 0.348 and r

2
 = 0.578 for T vs. DI and  FSLiq vs. DI, 

respectively.  
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(a) (b) 

  

(c) (d) 

Figure 6-10. Correlations relating factor of safety against liquefaction and damage index and 

thickness of the liquefied layer for the data from the Darfield and Christchurch earthquakes 

regressed separately.  (Note that the low r
2
 value in (b) indicates an extremely weak correlation 

between the thickness of the liquefied layer and damage index for the Darfield earthquake; hence 

a dotted line is used to show the results of the regression). 
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(a) (b) 

Figure 6-11. Correlations relating factor of safety against liquefaction and damage index and 

thickness of the liquefied layer for combined Darfield and Christchurch earthquake data. 

 

From the correlation coefficients, the factor of safety against liquefaction appears to be a better 

index for damage severity than the thickness of the liquefied layer. This is not altogether 

surprising given that a lot of the damage to the levees resulted from lateral spreading, more so 

than deep seated slumping and settlement/bearing capacity failures. Of these three failure modes, 

lateral spreading can occur even if a relatively thin layer liquefies, while deep seated slumping 

and settlement/bearing capacity failures require a thicker layer to liquefy. This is likely the 

reason for the disparity between the r
2
 values for the T vs. DI plots for the Darfield and 

Christchurch events. In the case of the Darfield earthquake, the levees were subjected to 

relatively intense shaking and the thickness of the liquefied layer was large. However, because 

lateral spreading can occur on even a thin liquefied layer, the r
2
 value for the T vs. DI plot was 

very low (i.e., r
2
 = 0.147). In contrast, the levees were subjected to less shaking during the 

Christchurch earthquake and the liquefied layers were relatively thin, where liquefaction 

occurred. However, even these relatively thin liquefied layers were thick enough for lateral 

spreading to occur, which resulted in damage to the levees and a relatively high value of r
2
 for 

the T vs. DI plot (i.e., r
2
 = 0.625). The implication of this is that liquefaction severity indices that 

account for both the factor of safety against liquefaction and thickness of the liquefied layer, 

such as the Liquefaction Potential Index (LPI) (Iwasaki et al., 1982), may not be appropriate for 

evaluating the risk of damage from liquefaction where lateral spreading is the primary failure 

mode.   
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7. BRIDGES 

This chapter documents the NZ-GEER team’s observations of selected bridges in the 

Christchurch New Zealand area following the 22 February 2011 earthquake. Some of the 

bridges were previously inspected by a NZ-GEER team following the 4 September 2010 

earthquake. Observations of bridge performance in the September event are documented 

in a previous report (NZ-GEER 2010). Whenever possible relative comparisons are made 

between observations made in both events. 

Christchurch CBD Bridges 

The Christchurch Central Business District (CBD) Bridges crossing the Avon River are 

shown in Figure 7-1, numbered from Bealey Avenue Bridge (1) downstream to 

Barbadoes Street Bridge (14). Apart from Bealey Avenue, these bridges were all within 

the CBD cordon put in place after the 22 February event. Overall, the bridges in the 

Christchurch CBD performed well, with the most common damage including minor 

lateral spreading, compression or slight slumping of approach material, and minor 

cracking in abutments. All bridges were single span and all were passable to recovery 

vehicles in the cordon soon after the event. 

There was no damage to Montreal St. Bridge (3), Worcester St. Bridge (7), and 

Manchester St Bridge (11). Minor approach damage and abutment cracking was observed 

at the remainder of the bridges in the CBD, with the worst affected bridge being the 

moderately damaged Colombo St. Bridge (10). The Colombo St. Bridge is the only 

bridge in the CBD that is presented in any detail in this report. However, the photographs 

in Figure 7-2 show some examples of typical damage to some of the other CBD bridges. 
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Figure 7-1. Vicinity map showing the locations of CBD bridges that were inspected by 

the NZ-GEER team (Google 2011). 

 

 

Figure 7-2. a) Damage to the western approach of Hereford Street Bridge (6) due to 

lateral spreading (-43.532026° 172.633390°); b) Outward rotation of wingwalls on 

western approach of Gloucester Street Bridge (8) due to lateral spreading (-43.529887° 

172.633986°). 
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Colombo Street Bridge (10) 

The Colombo Street Bridge (-43.5272° 172.6366°) is a single span steel girder bridge on 

shallow foundations, oriented in the north-south direction. Significant volumes of ejected 

sand were present in the area surrounding both ends of this bridge with large lateral 

spread cracks to the east. Damage to the approaches on both ends of bridge was present, 

minor on the south approach, and moderate on the north approach (Figure 7-3a). Lateral 

spreading cracks were more prominent on the north side, with minor settlement of the 

approach material. Compression from lateral spreading of the river banks resulted in the 

buckling of steel bridge arches as shown in Figure 7-3b, abutment cracking, and slight 

back rotation. The main function of the steel arches was either architectural or for 

footpath support; the main structural support system for the roadway remained 

undamaged. 

 

 

Figure 7-3. a) Moderate approach damage and settlement on northern approach of 

Colombo Street Bridge; b) Buckling of steel arch and handrail as a result of lateral 

spreading compressive forces on bridge structure. (-43.5272° 172.6366°) 

 

Avon River Bridges (outside of the CBD) 

The Avon River bridges outside the CBD are shown in Figure 7-4 and are presented 

below in order from the Fitzgerald Avenue Bridge (1) downstream to the South Brighton 

Bridge (9). The Avon is a meandering river and thus a distinction is made between the 

inner bank which refers to the inside radius of the river bend and the outer bank which 

refers to the outside radius of the river bend. Outside the CBD the Avon River widens as 
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in nears the Avon-Heathcote Estuary. As a result, the bridges transition from single span 

to multiple spans. 

The type of damage was fairly consistent with all the bridges that included settlement and 

lateral spreading of approaches and back rotation of the abutments. However, the level of 

damage varied significantly, with more damage observed on the inner banks of the river 

as compared to the outer banks. The bridges performed well in that they did not suffer 

structural collapse.  In most cases, settlement and spreading of the approaches impacted 

their serviceability to some extent. However, the approaches were filled and re-graded 

and opened to traffic generally within 2 to 10 days after the event. Two bridges in this 

region suffered major damage, five had moderate damage, and two minor damage. 

 

 

Figure 7-4. Vicinity map showing the locations of the Avon River bridges that were 

surveyed by the NZ-GEER team (Google 2011). 

 

Fitzgerald Avenue Bridge (1) 

Fitzgerald Avenue Bridge (-43.5263°, 172.6506°) is closest to the CBD and oriented in 

approximately the north-south direction. The bridge consists of two structures one 

supporting the southbound lane and the other supporting the northbound lane. Each 

bridge consists of double span precast concrete girders with a single wall pier and pile-

supported concrete wall abutments. The north abutments are on the inner bank and the 

south abutments are on the outer bank. A satellite image of the bridge taken one day after 
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the Christchurch earthquake is shown in Figure 7-5. This bridge was on the edge of the 

central city cordon, meaning it was inaccessible to the general public, and was used only 

by vehicles with cordon access. Approach repairs were carried out the first week of 

March, and as soon as the cordon was lifted in this area, traffic was able to use the bridge. 

Significant lateral spreading was noted on the east side of the north abutment as shown in 

Figure 7-5, with cracks running parallel to the river bank and blocks of soil moving south 

toward the river. The northern abutment of the western bridge was very near the bend in 

the river having a free face both perpendicular and parallel to the bridge. Lateral 

spreading was noted with movement occuring both to the south and west. Settlements of 

approximately 0.5 m were observed on the north approach as well (Figure 7-6). 

Significant lateral spreading was also observed along the river banks further upstream to 

the north as shown in Figure 7-7. 

Both north abutments showed back rotation with their bases moving toward the river as 

shown in Figure 7-8. This, combined with settlement of the river banks at the base of the 

abutments, exposed the abutment piles. One of the piles on the east side of the abutment 

shown in Figure 7-9 had failed in tension with reinforcement elongation of approximately 

10 mm. 

Minimal settlement of the approach was observed at the southern abutments. Large 

cracks were noted, however, in the abutment and wingwalls. 

 

Figure 7-5. Satellite image of Fitzgerald Avenue Bridge post-earthquake (LINZ 2011).    

(-43.5263°, 172.6506°) 
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Figure 7-6. Photograph of the north approach of Fitzgerald Avenue Bridge looking 

toward the southwest. Note the lateral spreading cracks parallel to the river and the 

settlements at the abutments. (-43.5263°, 172.6506°) 

 

 

Figure 7-7. Photograph of lateral spreading damage of roadway north of Fitzgerald 

Avenue Bridge. (-43.524156°, 172.650891°) 
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Figure 7-8. Photograph of back rotation of the north abutment of the eastern bridge on the 

eastern side. (-43.5263°, 172.6506°) 

 

 

Figure 7-9. Photograph of tension failure and reinforcement elongation at north abutment 

of the eastern Fitzgerald Avenue Bridge. (-43.5263°, 172.6506°) 
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Stanmore Road Bridge (2) 

Stanmore Road Bridge (-43.5252°, 172.6571°), shown in Figure 7-10, is oriented in the 

north-south direction. The bridge consists of double-span precast concrete girders 

supported on one four-column bent and concrete abutment walls. The north abutment is 

on the inner bank and the south abutment is on the outer bank. The bridge was opened to 

traffic within two days after the event. The GEER team did a rapid inspection on 26 

February 2011. 

Moderate lateral spreading was observed at the north approach as shown in Figure 7-11, 

with minor settlement on the north approach itself. Minor lateral spreading was observed 

near the south abutment. Cracking of wingwalls on the north approach was evident, with 

movement of approach material leading to the development of voids beneath the wing 

walls.  

 

 

Figure 7-10. Satellite image of Stanmore Road Bridge post-earthquake (LINZ 2011).      

(-43.5252°, 172.6571°) 
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Figure 7-11. Photograph of the west side of the northern approach looking east. Note the 

lateral spreading cracks running parallel with the river. (-43.5252°, 172.6571°) 

 

Swanns Road Bridge (3) 

Swanns Road Bridge (-43.5222°, 172.6601°) shown in Figure 7-12 is oriented in the east-

west direction. The bridge consists of double-span precast concrete girders supported on 

one wall pier and concrete abutment walls. The east abutment lies on the inner bank and 

the west abutment is on the outer bank. The GEER team did a rapid inspection on 26 

February 2011. 

Slight back rotation of both abutments was observed with minor settlement of both 

approaches. In general lateral spreading was more significant on the west side of the river 

as shown in Figure 7-13b. Cracks were also identified on the eastern approach running 

perpendicular to the river shown in Figure 7-13a. They appear to be shear cracks 

attributed to the bridge resisting lateral spreading of the approach while the adjacent soil 

moved toward the river. Some cracking was noted on the abutment structures.  
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Figure 7-12. Satellite image of Swanns Road Bridge post-earthquake (LINZ 2011).          

(-43.5222°, 172.6601°) 

 

 

Figure 7-13. Photograph on the (a) east approach looking east and (b) west approach 

looking north. (-43.5222°, 172.6601°) 

 

Gayhurst Road Bridge (4) 

Gayhurst Road Bridge (-43.5216°, 172.6728°) shown in Figure 7-14 is oriented in 

approximately the north-south direction. The bridge consists of double-span precast 
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concrete girders with one wall pier. The spans are supported on concrete abutments with 

wingwalls and pile foundations. The north abutment sits on the inner bank and the south 

abutment sits on the outer bank. The bridge was opened to traffic no more than two days 

after the event and was operational at the time of the GEER team’s visit on 5 March 

2011.  

The north approach had been filled with coarse aggregate and re-graded at the time of the 

inspection as shown in Figure 7-15, with approximately a meter of settlement of the 

approach due to the combined effects of the Darfield and Christchurch earthquakes. The 

wing walls on both sides of the north abutment displaced laterally toward the river a 

distance of about 90 cm as shown in Figure 7-16b. The wing walls also moved laterally 

about 10 to 15 cm away from the abutment in the east-west direction. However, some 

movement was initiated in the Darfield event as shown in Figure 7-16a. As shown in 

Figure 7-17 the north abutment was inspected below the bridge deck and showed 5 

degrees of back rotation with the bottom of the abutment moving toward the river. The 

bridge deck appeared to have restrained the movement of the top of the abutment. 

At the south abutment there was little indication of settlement of the approach. The wing 

walls did not show any appreciable displacement, nor did the abutment show any 

measureable rotation. 

 

 

Figure 7-14. Satellite image of Gayhurst Road Bridge post-earthquake (LINZ 2011).       

(-43.5216°, 172.6728°) 
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Figure 7-15. Photograph of the approach to the north abutment. Note the aggregate 

resurfacing and extensive pavement cracking. (-43.5216°, 172.6728°) 

 

 

Figure 7-16. Photograph of the north approach of Gayhurst Road Bridge looking 

southwest. Note the displacement of the wingwall in the (a) Darfield event (GEER 2010) 

and (b) Christchurch event. (-43.5216°, 172.6728°) 
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Figure 7-17. Photograph of the north abutment looking east. Note the displacement of the 

wingwalls on either side of the abutment. (-43.5216°, 172.6728°) 

 

Avondale Road Bridge (5) 

Avondale Road Bridge (-43.5005°, 172.6878°) shown in Figure 7-18 is oriented in 

approximately the north-south direction. The bridge consists of a three span precast 

concrete girder, with 2 three-column bents and supported on abutment walls with 

wingwalls and pile foundations. The north abutment sits on the outer bank and the south 

abutment sits on the inner bank. The bridge was opened to light vehicles at most 10 days 

after the event and was operational when the GEER team arrived on site on 5 March 

2011. 

The north approach to the bridge showed little indication of ground movement or 

roadway damage. However, some lateral spreading was noted along the top of the 

riverbank adjacent to the bridge to the west. The north abutment showed back rotations of 

2.5 to 3.2 degrees with the bottom of the abutment moving toward the river.  

The south abutment showed 7.2 to 7.3 degrees of back rotation as shown in Figure 7-19a. 

Some settlement of the roadway was also noted and lateral spread cracking was observed 

adjacent to the approach as shown in Figure 7-19b. 
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Figure 7-18. Satellite image of Avondale Road Bridge post-earthquake (LINZ 2011).      

(-43.5005°, 172.6878°) 

 

 

Figure 7-19. Photograph of the south abutment showing (a) back rotation of the abutment 

and (b) lateral spreading in the vicinity of the approach. (-43.5005°, 172.6878°) 

ANZAC Drive Bridge (6) 

Anzac Drive Bridge (-43.5009°, 172.7012°) shown in Figure 7-20 is oriented in the 

north-south direction and supports State Highway 74. The bridge consists of a three span 

precast concrete girder and two 2-column bents and supported on abutment walls with 
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wingwalls. The north abutment sits on the outer bank and the south abutment sits on the 

inner bank. When the GEER team arrived on 5 March 2011 the traffic flow was heavy 

and it was noted that a significant portion of the vehicles using the bridge were large 

trucks.  

The roadway and bridge abutment on the southern end of the bridge were constructed on 

a raised embankment that continued to south east.  There were a significant number of 

sand boils and lateral spread cracks parallel with the river observed in the low-lying areas 

adjacent to the embankment (Figure 7-21), but no evidence of sand boils on the 

embankment itself. Lateral spreading was observed on both the sides of the south 

approach embankment. Cracks were generally oriented parallel with the roadway as 

shown in Figure 7-22a and had widths varying from about 8 to 18 cm. A short section of 

the south approach roadway was repaved and showed an abrupt elevation change as a 

result of settlement of the approach. There was additional lateral spreading of the 

approach embankment on the west slope that ran parallel with the river. 

The south abutment shown in Figure 7-23a and Figure 7-24a back rotated about 6 degrees 

with the bottom of the abutment toward the river. Laterally spreading ground was 

observed at the base of the abutment that left a 30 to 40-cm gap between the concrete 

abutment and soil as shown in Figure 7-22b. This also resulted in a large horizontal gap 

between the edge of the walkway and the abutment, with the bridge superstructure 

restraining the horizontal abutment movement. 

The north abutment in Figure 7-23b showed similar rotational movements but had 

significantly less tilting of 3.5 to 4 degrees. The lateral spreading along the base of the 

abutment was also less, resulting in an 18 to 24-cm gap between the abutment and the 

soil. The horizontal gap between the walkway and abutment was much less than that on 

the southern side. There appeared to be only minor disturbance to the northern approach 

with the exception of a lateral spread crack that was observed on the west side of the 

embankment running parallel with the slope.  

The rotation of both abutments exposed a row of steel H-piles that support the abutment 

that also appeared to have rotated along with the abutment. Numerous rubber tires were 

also exposed that had been placed between the abutment and a walkway running along 

the riverbank. These tires were designed to act as a lateral spreading buffer for the 

walkway. Figure 7-24b shows the exposed H-piles beneath the northern abutment and 

some of the tire buffer material, as well as evidence of ejected material along the bottom 

of the photo. 
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Figure 7-20. Satellite image of Anzac Drive Bridge post-earthquake (LINZ 2011).          

(-43.5009°, 172.7012°) 

 

 

Figure 7-21. Photographs of the lateral spreading and sand boils to the southeast of Anzac 

Drive Bridge. (-43.50144°, 172.702046°) 
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Figure 7-22. Photograph of the south approach and abutment. Note the (a) longitudinal 

cracks in the approach and (b) back rotation of the abutment and the gap between the soil 

and the abutment. (-43.5009°, 172.7012°) 

 

 

Figure 7-23. Photographs from looking east of the movement of the a) south abutment; b) 

north abutment. (-43.5009°, 172.7012°) 
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Figure 7-24. Photographs of a) the back rotation of the south abutment; b) view beneath 

the northern abutment of exposed piles. (-43.5009°, 172.7012°) 

 

Wainoni Road Bridge (7) 

Wainoni Road Bridge (-43.5034°, 172.7076°) shown in Figure 7-25 is a three span 

concrete bridge oriented in the northeast-southwest direction. The GEER team did a rapid 

inspection on 26 February 2011. The river is fairly straight in this area and thus it is 

difficult to differentiate the outer and inner banks. Minor settlement and evidence of 

lateral spreading was observed. This was the only Avon River bridge that was 

consistently open to traffic following the event. 
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Figure 7-25. Satellite image of Wainoni Road Bridge post-earthquake (LINZ 2011).       

(-43.5034°, 172.7076°) 

 

Pages Road Bridge (8) 

Pages Road Bridge (-43.5092°, 172.7214°) shown in Figure 7-26 is oriented in the 

northeast-southwest direction. The bridge consists of triple-span precast concrete girders 

supported on two wall piers and concrete abutment walls with pile foundations. The 

GEER team did not inspect this bridge but it was documented that the bridge suffered 

damage to its approaches, requiring repair work to be undertaken. 
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Figure 7-26. Satellite image of Pages Road Bridge post-earthquake (LINZ 2011).            

(-43.5092°, 172.7214°) 

 

South Brighton Bridge (9) 

The South Brighton Bridge (-43.5253°, 172.7242°) supports Bridge Road spanning the 

Avon-Heathcote Estuary and it is oriented in approximately the east-west direction as 

shown in Figure 7-27. The concrete bridge is supported on seat type abutments with a 

center pier, both with pile foundations. The river is quite complex in this area and 

difficult to differentiate the outer and inner banks. When the GEER team arrived on site 

on 4 March 2011 coarse aggregate had been placed and graded on the approaches on both 

sides of the bridge and traffic was moving across the bridge. 

Inspections of the bridge by the GEER team summarized in Figure 7-28 indicate 

differential movement of the abutments relative to the bridge deck. The east abutment 

moved about 22 cm to the north and settled about 3 to 4.5 cm. The west abutment moved 

20 cm to the south and settled 8.5 to 9.5 cm. These displacements are the cumulative 

effect of both the Darfield and Christchurch earthquakes. 

The east abutment showed back rotation of about 7 degrees as shown in Figure 7-29b. 

The underlying soils spread laterally thus exposing the supporting battered octagonal 

precast, prestressed concrete piles. The piles appeared to have rotated along with the 

abutment structure, with evidence of plastic hinge development in both front and rear 

piles. The abutment slope was covered in erosion protection consisting of riprap covered 

with wire chain-link fencing that had moved away from the abutment with the underlying 

soil. The soil movements were larger than those observed in the Darfield event (Figure 7-

29a). 
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The west abutment in Figure 7-30b had back rotated by approximately 8 degrees 

following the Christchurch event. Soil beneath the abutment had settled significantly, 

exposing the supporting piles, which had rotated with the abutment structure. Fine sand 

was noted underneath the abutment at this location. Compared to the post-Darfield 

conditions in Figure 7-30a, there had also been a significant increase in settlement and 

spreading at this abutment. 

A close up view of the progression in the differential displacement between the 

superstructure and the abutment following the Darfield and Christchurch is shown in 

Figure 7-31, with a much larger horizontal shift following the latest event. 

 

 

Figure 7-27. Satellite image of South Brighton Bridge post-earthquake (Land Information 

New Zealand 2011). (-43.5253°, 172.7242°) 
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Figure 7-28. South Brighton bridge a) horizontal movement of abutments compared to 

bridge deck; b) vertical position of abutment compared to bridge deck. (-43.5253°, 

172.7242°) 

 

 

Figure 7-29. Comparison of the displacement of slope in front of east abutment after the 

a) Darfield event and b) Christchurch event. (-43.5253°, 172.7242°) 
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Figure 7-30. Comparison of the displacement of slope in front of western abutment 

following the a) Darfield event and b) Christchurch event. (-43.5253°, 172.7242°) 

 

 

Figure 7-31. Comparison of the differential movement of the western abutment and 

superstructure after the a) Darfield event and b) Christchurch event. (-43.5253°, 

172.7242°) 

 

Heathcote River Bridges 

Compared to the Avon River, bridges crossing the Heathcote suffered much less damage.  

Apart from the three cases detailed below, all bridges were either undamaged or suffered 

only minor damage. Typical damage was minor approach settlement, with little impact on 

the bridge abutments and superstructure. The bridges that were inspected are shown in 

Figure 7-32. The Heathcote River is much narrower than the Avon for most of its length.  

Apart from Rutherford Street Bridge (12), Tunnel Road Bridge (13) and Ferrymead 

Bridge (14), the bridges across this river have a span length that is smaller than those 

Avon River bridges outside the CBD. 
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Figure 7-32. Vicinity map showing the locations of Heathcote River bridges that were 

surveyed by the GEER team (Google 2011). 

 

Only Malcolm Avenue Bridge (2) (-43.565073 °, 172.639302°)was closed to traffic more 

than two days after the event, which suffered moderate damage to the approach and was 

still closed on 5 March. Ensors Road Bridge (6) (-43.552715°, 172.657477°) also 

suffered moderate spreading and settlement of the abutment, but was opened to traffic 

soon after the earthquake. 
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Figure 7-33. Approach damage at Malcolm Avenue Bridge (2) (Flickr 2011).                  

(-43.565073 °, 172.639302°) 

 

Ferrymead Bridge (14) 

Ferrymead Bridge (-43.5584°, 172.7088°) supports Ferry Road spanning the Heathcote 

River and is oriented in approximately the east-west direction as shown in Figure 7-34. 

The concrete bridge is supported by wall abutments with wingwalls and two bents of 

column piers on pile foundations. Vehicles were travelling over the bridge when the 

GEER team arrived on site on 3 March 2011.  

The bridge was under reconstruction/retrofitting during the teams visit. Conversations 

with the contractor indicated that the construction plans were to construct four large 

reinforced concrete girders beneath the existing structure and keep the existing bridge 

deck. The girders are supported on drilled shafts. At the time of the visit one of the 

girders at the east abutment had been completed and the girder at the west abutment was 

partly completed. Remedial efforts were underway to tie back the foundations supporting 

the westernmost pier that had experienced significant tilting. Two temporary steel bridges 

were erected on both sides of the bridge to allow access for construction cranes and 

equipment (Figure 7-34). 

Conversations with the contractor indicated that the west abutment and bents are 

supported on floating piles, while the eastern bent is supported on end-bearing piles, and 

the east abutment on shallow foundations on bedrock. The existing abutments appeared 
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to have been constructed in two sections. At the east abutment shown in Figure 7-35 the 

abutment section furthest from the river rotated 2.5 degrees with the bottom moving 

toward the river. The section closest to the river rotated 4.7 degrees. The new concrete 

bridge girder rotated in a different manner; it had rotated about 2.2 degrees with the top 

of the girder moving toward the river (i.e., front rotated). Lateral spreading was observed 

near the drilled shafts supporting the girder. About 33 cm of ground settlement was 

measured relative to the bottom surface of the new girder which was originally cast on-

grade. Approximately 8 cm wide lateral cracks in the ground were also observed in the 

vicinity of the drilled shaft supporting the new girder, with the cracks running in both the 

longitudinal and transverse directions. Surveys performed by the contractor indicated 

minimal movement of the eastern pier, while the eastern abutment moved upwards 10 

cm, possibly due to bedrock movement associated with the earthquake.  

No appreciable rotation was observed at the west abutment as shown in Figure 7-36a. 

Surveys performed by the contractor showed that the western abutment and pier had 

settled 20 cm and shifted horizontally 20 cm towards the river. The soil in front of the 

abutment moved downward about 80 cm as shown in Figure 7-36b. Conversations with 

the contractor indicated that the foundations supporting the westernmost bridge pier had 

shifted to the east that was causing the support columns to be out of plumb. A the time of 

the GEER teams survey the contractor was excavating soil between the west abutment 

and the pier to the east so that the pier foundation could be tied back to the west abutment 

and possibly pulled back into place.  

 

 

Figure 7-34. Satellite image of Ferrymead Bridge post-earthquake (LINZ 2011).              

(-43.5584°, 172.7088°) 
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Figure 5-35. Photograph of the east abutment a) looking north and b) looking south. Note 

the back rotation of the existing abutments and front rotation of the new concrete bridge 

girder. (-43.5584°, 172.7088°) 

 

Figure 7-36. Photograph of the west abutment a) looking south showing no appreciable 

tilting; b) looking north with settlement of material in front of abutment indicated by the 

level of the wooden form work. (-43.5584°, 172.7088°) 

 

Overpass Bridges 

The locations of the overpass bridges that were inspected are shown in Figure 7-37 and 

include the Chaney’s Overpass Bridge (1) and Horotane Bridge (2). These bridges are 

supported on large and steep embankment fills that showed evidence of slope instability. 

However, the bridges remained serviceable following the earthquake. 
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Figure 7-37. Vicinity map showing the locations of the overpass bridges that were 

surveyed by the GEER team (Google 2011). 

 

Chaney’s Overpass Bridge (1) 

Chaney’s Overpass Bridge (-43.4298°, 172.6463°) supports State Highway 1 where it 

crosses the Christchurch Motorway as shown in Figure 7-38. The bridge is oriented in 

approximately the northeast-southwest direction. The bridge is a concrete structure 

consisting of seat-type abutments with large approach embankments and two wall piers. 

The embankment slopes beneath the bridge deck had an angle of about 33 degrees 

relative to the horizontal (i.e. 1.5H:1V slope). Traffic was flowing over the bridge when 

the GEER team arrived on site on 5 March 2011. 

Sand boils were noted on near the bottom of embankment fill on the northwest side of the 

bridge. Sand boils were also observed around the northernmost pier.  

The northeast concrete abutment rotated by about 1 degree with the top moving away 

from the embankment. Significant movements of the embankment slope beneath the 

abutment were also noted as shown in Figure 7-39 which were larger than in the Darfield 

event. A metal drainpipe was pulled from out of the bridge deck by the embankment soil. 

Measurements of the pipe displacement suggest that the soil moved downward about 33 
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cm and also by smaller amounts laterally to the northwest. A 20-cm wide transverse 

crack was observed at the top of the 7.6-m long slope. The crest of the slope also moved 

downward at the crack location, as shown in Figure 7-40, and heave was noted at the toe 

of the slope. These features suggest the possibility of a slope failure extending the full 

height of the slope. 

The southwest embankment showed less movement and cracking. A longitudinal crack 

was noted just outboard of the southwest support pier that had a width of 8 cm. There 

were also longitudinal separation cracks also observed between the concrete slope 

protection tiles and the soil on both sides of the slope. The separation cracks were 

approximately 2 to 5 cm wide. Measurements at the top of the slope near the concrete 

abutment showed that the soil moved downward roughly 15 cm at this location.  

 

Figure 7-38. Satellite image of Chaney’s Overpass Bridge post-earthquake (LINZ 2011). 

(1) (-43.4298°, 172.6463°) 
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Figure 7-39. Photograph of the northeast abutment slope after the (a) Darfield event and 

(b) Christchurch event. (-43.4298°, 172.6463°) 

 

 

Figure 7-40. Photograph of the top of the slope at the northeast abutment looking 

southeast. Note the transverse crack. (-43.4298°, 172.6463°) 
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Horotane Bridge (2) 

Horotane Bridge (-43.5725°, 172.6947°) supports Tunnel Road (State Highway 74) and 

spans over Horotane Valley Road as shown in Figure 7-41. The bridge is oriented in 

approximately the northwest-southeast direction. The concrete bridge is supported by seat 

type abutments on top of two large approach embankments and two bents of piers on 

shallow foundations. The embankment side slopes under the bridge have an angle of 

about 33 degrees relative to the horizontal (i.e. 1.5H:1V slope). Vehicles were passing 

over the bridge at the time of the GEER team’s visit on 5 March 2011. 

The northwest concrete abutment structure showed tilting of about 1 degree with the 

bottom displaced inward toward Horotane Valley Road. A transverse crack was noted at 

the top of the northwest slope near the concrete abutment. However, the crack was not 

continuous across the slope. A transverse crack was also noted at the bottom of the slope 

on the east side.  

The southeast concrete abutment structure showed 3.4 degrees of rotation again with the 

bottom moving inward toward Horotane Valley Road. A significant transverse crack 

having a width of 10 cm and a depth of about 60 cm was noted at the top of the southeast 

slope that was continuous across the width of the bridge as shown in Figure 7-42a. A 

transverse scarp was also observed near the toe of the 13.4-meter long slope that also 

extended across the width of the bridge that can be seen between the bridge columns in 

Figure 7-42b. At this location the soil had moved downslope overriding the soils below 

the scarp. These features suggest the possibility of a slope failure. There were no sand 

boils noted at this site. 

 

Figure 7-41. Satellite image of Horotane Bridge post-earthquake (LINZ 2011).                

(-43.5725°, 172.6947°) 
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Figure 7-42. a) Transverse crack running along the crest of the slope near the southeast 

abutment; b) toe scarp running horizontally between the columns of the southeast 

abutment. (-43.5725°, 172.6947°) 

 

Railway Bridges 

The locations of the railway bridges that were inspected are shown in Figure 7-43 and 

includes Railway Bridge No 3 (1) and Railway Bridge No 7 (2). Railway bridge No 3 

suffered significant damage which caused a train derailment. However, the bridge was 

repaired within the first few days following the event. 
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Figure 7-43. Vicinity map showing the locations of the railway bridges that were 

surveyed by the GEER team (Google 2011). 

 

Railway Bridge 3 (1) 

Railway Bridge 3 (-43.575963°, 172.706382°) spans Martindales road as shown in Figure 

7-44. The bridge consists of a timber deck with brick masonry wing wall abutments. 

Conversations with Kiwirail personnel indicated that the abutments had failed in the 

February 2011 event but had been repaired within a few days of the earthquake (Figure 7-

44). The GEER team inspected the bridge and adjacent area on 5 March 2011 after the 

bridge had already been repaired and the roadway re-graded. 

 



7-34 

 

 

Figure 7-44. Photograph of Railway Bridge 3 after repairs had been made. (-43.575963°, 

172.706382°) 

 

Railway Bridge 7 (2) 

Railway Bridge 7 (-43.5529°, 172.6676°) shown in Figure 7-45 crosses the Ferrymead 

River, as well as Richardson Terrace on one side of the river and Clarendon Terrace on 

the other side. The bridge consists of a timber deck with concrete wing wall abutments 

and four bents of timber piers, as shown in Figure 7-46, and is oriented in the northwest 

southeast direction. The GEER team surveyed the bridge and adjacent area on 5 March 

2011. 

The area adjacent to the northwest abutment did not show any sand boils. The abutment 

appeared to have rotated slightly about 1 to 2 degrees with the top of the abutment 

moving inward toward the river.   

Significant ejected sand was noted on the roadway pavement near the southeast abutment 

as shown in Figure 7-46. There was a large horizontal crack noted near the top of the 

southeast abutment structure and rotations of about 1 degree were noted. Again, it 

appeared that the top of the abutment moved toward the river.  
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Figure 7-45. Satellite image of Railway Bridge 7 post-earthquake (LINZ 2011).              

(-43.5529°, 172.6676°) 

 

 

Figure 7-46. Photograph of the northeast abutment looking northwest. Note the sand 

deposits on the roadway and the horizontal crack at the top of the abutment. (-43.5529°, 

172.6676°) 
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8. EFFECTS ON LIFELINES 

Over the past decade, the people of Canterbury have undertaken a deliberate and dedicated effort 

to increase the resiliency of the entire lifeline system within the region. And, with the exception 

of water and waste water distribution lines in the areas affected by liquefaction, lifelines 

performed quite well. The case for hardening of the lifelines was made in the report “Risks and 

Realities: A Multi-Disciplinary Approach to the Vulnerability of Lifelines to Natural Hazards” 

(CAENZ 1997). Following preparation of the report, a plan to enhance the resiliency of lifelines 

in Canterbury was developed and implemented across all sectors, including transportation, water, 

waste water, electric power, and communications. In addition, the interdependence of lifelines 

was recognized and addressed through detailed planning and coordination efforts. 

This chapter includes the GEER-NZ Team’s observations for the transportation system 

(highways and rail and bridges are covered in separate chapters), water and wastewater systems, 

electric power, and waste management, as well as other lifelines. 

Highways 

Most highways and major surface transportation routes remained open following the Mw6.2 

earthquake, or were only closed temporarily for inspection or minor repairs. State Highway 1 

North was found to be good shape with some damage to the approaches of Chaney’s overpass 

(Chapter 7). The State Highway 74 tunnel from Christchurch to Lyttelton was briefly closed due 

to a rock fall.  Dyers Pass and Evans Pass roads were also closed due to rock fall (Chapter 9) 

limiting the supply of fuel from the Lyttelton Tank farm to the city, which resulted in long waits 

at the gas stations several days after the event. Summit Road between Evans Pass and Dyers Pass 

Road remained closed 5 weeks after the event. 

Many surface streets were closed and severely damaged in Christchurch as a result of 

liquefaction and lateral spreading (Chapter 4).  A floated manhole is seen in Figure 8-1 on Orrick 

Crescent. Figure 8-2 shows a large lateral spread on the north bound lanes of Fitzgerald Avenue 

and Cambridge Tce. 
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Figure 8-1. Floated manhole on Orrick Crescent (-43.50174°, 172.696487°). 

 

 

Figure 8-2. Lateral spreading at Fitzgerald Avenue along the Avon River (-43.524048°, 

172.650851°). 

The Moorhouse Avenue Overbridge was out of service to all traffic for an extended period 

following the 22 February earthquake due to damage sustained to a single column where a deck 

expansion joint is located. The Overbridge is an eleven span T-girder supported by dual 

reinforced concrete column bents constructed in 1960. Damage was caused by ground shaking, 

with a conditional PGA of 0.42 g and a vertical velocity pulse that may have combined to cause 

the flexural-bucking failure mechanism in the columns. 
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The expansion joint detail was extended into the column, increasing the slenderness of the piers 

(i.e., these column were of a size comparable to the other columns along the span, except that 

they were split in the middle by the expansion joint). The columns also had widely spaced 

transverse reinforcement. Upon first inspection the bridge had only suffered shear cracking in 

both columns, but several hours later the bridge was inspected again and it was observed that the 

damaged columns had started to buckle putting the central span at risk of collapse. Temporary 

props were then put in place to provide gravity support for the span until a rehabilitation plan 

could be implemented.  

Rail System 

KiwiRail operations in and out of the Port of Lyttelton were halted for 11 days as a result of the 

22 February earthquake.  KiwiRail sustained damage to two bridges in Christchurch which are 

described in more detail in the Chapter 7.  These bridges are located between the Annex Road 

rail yard and Heathcote Valley, which resulted in no rail access to the port. Bridge No. 7 

sustained minor damage to its abutments and remained operational and did not require repair.  

Bridge No. 3 at Martindales Road in the Heathcote Valley sustained moderate damage to the 

abutments and resulted in a six car derailment (Figure 8-3). KiwiRail was able to repair the 

bridge within two days after the event.   

 

Figure 8-3. Bridge No. 3 at Martindales Road in the Heathcote Valley (-43.576013°, 

172.706567°). 

The impact of the port closure had an effect on rail operations and coal mining operations. Coal 

trains coming from the West Coast to the Lyttelton Port were loaded and staged in Springfield 

and on the West Coast.  On Saturday, 5 March coal trains were able to enter the port and unload. 

Had the trains not been able to enter the port starting on the 6 March coal mining operations on 
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the West Coast would have had to been suspended due to the lack of stockpile space at the 

mines. 

The GEER team visited the section of rail south of Kaiapoi at Woodford Glen that suffered 

damage during the September 2010 event (Figure 8-4a). Liquefaction was found in the fields 

adjacent to the damaged area but no damage to the track was reported. KiwiRail was in the 

processes of widening the ballast over the soft soils as a precautionary measure (Figure 8-4b).  

The team also found that a separation geotextile and reinforcing geogrid were being installed. 

Aside from the two damaged bridges no other damage was caused to rail lines. 

 

  

(a) (b) 

Figure 8-4. (a) Damage to rail line at Woodford Glen after 4 Sept. event, (b) Rail line at 

Woodford Glen after 22 Feb. event with additional ballast being added (-43.406114°, 

72.649319°) 

KiwiRail continued to haul supplies into the city after the earthquake.  This included 50,000 liter 

tanks of potable water for distribution in the residential areas. The Transalpine service had been 

suspended due to lack of tourism as a result of the earthquake. 

Water and Wastewater Systems  

The large ground movements and deformations (in extension, compression, shear, and combined 

modes) including ground distortion, cracks, fissures and venting sink-holes, resulting from the 

severe liquefaction and lateral spreading caused severe damage to underground pipe networks 
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such as the potable water, wastewater and stormwater systems. These systems have different 

characteristics and they were affected and performed quite differently in the 22 February 

earthquake. 

The potable water system is a system of relatively shallow pipe network (mostly in the top 60 cm 

of the ground). It is a pressurized system composed of mains and sub-mains. Figure 8-5 shows a 

summary of the water mains network in Christchurch indicating pipe materials (solid lines) and 

the location of breaks (red solid symbols) caused by the 22 February earthquake. Superimposed 

in this figure is the liquefaction map (Chapter 4) indicating the areas affected with different 

severity of liquefaction. It is apparent from this figure that most of the breaks were located in the 

area affected by liquefaction. A more rigorous preliminary analysis indicates that about 4.6 % of 

the pipes (pipe segments) were damaged, or about 78 km out of 1676 km total pipe length. About 

80% of the damaged pipes were in areas that manifested either moderate-to-severe or low-to-

moderate liquefaction. Similar observations and preliminary findings were obtained for the sub-

mains system which is dominated by polyethylene (PE) pipes. Despite the relatively large 

number of breaks, the potable water supply was quickly restored within several days of the 

earthquake. 

 

 

Figure 8-5. Water mains pipe network and location of breaks (faults) caused by the 22 February 

2011 earthquake; colored lines indicate pipe materials; colored areas indicate liquefaction 

severity. 
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The wastewater system was hit particularly hard in the areas severely affected by liquefaction 

and lateral spreading. Out of the 1766 km long wastewater network, 142 km (8%) were out of 

service; and 542 km (31%) with limited service on 16 March 2011  (i.e. three weeks after the 

February earthquake), as shown in Figure 8-6. A significant part of the network was still out of 

service even three months after the quake, and it is estimated that it will take two to three years 

to fully recover the system. 

 

 

Figure 8-6. Waste water service status on 16 March 2011 (M. Christinson, pers. comm.) 

 

Loss of grade, joint failures, cracks in pipes and failure of laterals were the most commonly 

observed types of failures. Loss of critical facilities such as pump stations also contributed to the 

overall poor performance of the system. Buoyancy of concrete vaults at potable water and 

wastewater pump stations, compounded by liquefaction-induced settlement, caused pipeline 

breaks at their connections with the vaults. Approximately 1 m of settlement at the Bexley Pump 

Station ruptured the well, flooding the surrounding neighborhood at 140 m
3
/hr.  
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Note that the wastewater system includes both pressurised and gravity components, and the 

network consists of pipes of different sizes and materials including concrete, ceramic, cast iron 

and plastic (PVC and PE) pipes. This system is much deeper, at typically at 3-4 m depth from the 

ground surface, making it more vulnerable to liquefaction effects. For both potable water and 

waste water systems, the most severe damage was inflicted by lateral spreading. 

Nearly all components of the Bromley sewage treatment plant were affected by liquefaction, 

which caused differential settlement of the clarifiers, thereby seriously impairing secondary 

treatment capabilities. Silt and sand from liquefaction washed into the plant from broken 

wastewater pipelines, causing damage in the primary settling tanks. Also, the scraper chains in 

the settling basins (Figure 8-7) had jumped there cogs.  

 

 

Figure 8-7. Waste Water Treatment Plant Settling Basins (-43.526016°, 172.700922°)  

 

The trickling filters at Bromley sewage treatment plant appeared to perform well (Figure 8-8a). 

The team was told that the filters were placed on stone columns. The team also documented 25-

50 mm of lateral movement (Figure 8-8b). The filters did suffer some damage in that the 

distributor was not operating properly. 

The team completed their reconnaissance of the Bromley sewage station by walking the levees 

(stopbanks) at the oxidation pond. The team noted several separated concrete pipes that were 

used to move water from one pond to another during the treatment process (Figure 8-9). Lateral 

spreading in the stopbank separated pipes. 
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(a) (b) 

Figure 8-8. Bromley Waste Water Treatment Plant trickling filters placed on stone columns 

performed well (-43.52118°, 172.701752°)  
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Figure 8-9. Pipe damage at the oxidation ponds (-43.3145211°, 172.430083°)  

 

Gas Distribution System 

The natural gas pipeline system in Christchurch is owned by Contact Energy, and is operated 

under the name of Rockgas. The network is shown in Figure 8-10, in which the red and blue 

lines indicate streets with existing and planned future pipelines, respectively. A large portion of 

the gas pipeline network was located in areas that experienced large ground deformation and 

liquefaction. 

The gas reticulation network in Christchurch outside of the Central Business District (CBD) 

performed well. At the time of the investigation it was unclear how the pipe network inside the 

CBD had performed.   

Within the first hour after the earthquake on 22 February, a Rockgas technician was enroute to 

Woolston Terminal and noticed that there was a higher than normal flow on the Brisbane Street 

feeder to the CBD which the technician stopped and shutoff. At the same time Rockgas was 

receiving notice from Civil Defense to close all feeders to the CBD. This was accomplished 

within 5 hours after the earthquake and resulted in a pressure drop in the system from 90 to 25 

kPa.  

Although two to three inline valves for the CBD feeder lines had been closed within hours of the 

event, Contact Energy employees also cut and capped the feeder lines at Petersbourgh/Victoria, 

Columbo/Petersbrough, Brisbane, and Fitzgerald streets to physically isolate the CBD within two 

to three days after the event. The isolated area can be seen as the dark red square in the center of 

Figure 8-10 around the CBD.   
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Rockgas crews also worked to restore service and continued to provide services immediately 

following the earthquake. This was done by doubling Rockgas’ field staff to 22 people. Figure 8-

10 depicts the dates and areas that services were restored to after the 22 February event. Rockgas 

provided hospitals and other critical infrastructure that were connected to the gas network with 

fuel via drop off cylinders until the network had been pressure tested and service restored. 

A 2 ton above ground gas storage cylinder at 417 Brighton Road suffered damage. The team also 

learned of a Rockgas underground tank that had been floated due to liquefaction at the 

intersection of New Brighton Road and Bower Ave.  At the time of GEER visit we were not able 

to examine either tank. 

 
Figure 8-10. Map of Christchurch gas distribution system. 

The Burwood Landfill gas system was not connected to the gas network at the time of the GEER 

teams visit and was flaring its gas. No damage to the overland Liquagas pipeline that connects 

the Lyttelton tank farm and Woolston terminal was reported.  

Electric Power 

The Bromley substation is divided by Ruru Road and located in eastern Christchurch near the 

Waste Water Treatment Oxidation Ponds. Liquefaction was noted within the fence line at the 

Brisbane 
ST. Feeder 
Line to 
CBD Cut

Feb. 23

Feb. 24

Feb. 25

Feb. 25

Feb. 26

Feb. 25

Mar. 2
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Bromley substation.  

Liquefaction ejecta was found at the substation on both sides of the road. The soils under both 

power line supports outside of the fence line liquefied (Figure 8-11). Liquefaction ejecta was 

found around concrete pile groups supporting circuit switchers (Figure 8-12) and earthquake 

retrofitted transformers. No visible damage or settlement to substation was found by the GEER 

and it appeared that it performed well. 

DCP and SWS tests were performed by the GEER team (Figure 8-13) and the data are presented 

in Figure 8-14. SASW data could not be collected due to the high voltage power line 

interference. As shown in Figure 8-14, the groundwater table was at depth of ~1.5 m and the top 

of the liquefied layer was at a depth of ~1.75 m. (Note that a hole was hand augered to the top of 

the liquefied layer, with the DCP being performed in the hole from then down to refusal).  

 

 

Figure 8-11. Liquefaction ejecta at the base of an electrical tower (-43.531764°, 172.697467°) 
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Figure 8-12. Liquefaction ejecta around concrete  (-43.532629°, 172.698029°) 

 

 

Figure 8-13. Swedish Weight Sounding (SWS) Testing at Bromley Substation (-43.531534°, 

172.697942°) 
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(a) (b) 

Figure 8-14. In-situ data from Bromley Substation: (a) DCP test; and SWS test. 

 

Waste Management  

The GEER team visited the previously closed Burwood Landfill in the Bottle Lake Forest Park 

which had been re-opened for emergency waste handling by Christchurch City Council. The 

Burwood Landfill was opened after the Darfield Earthquake for a short period of time to assist 

with waste disposal until the Kate Valley Landfill was able to take over for waste disposal 

operations. An aerial photo of Burwood Landfill can be seen in Figure 8-15. Four distinct areas 

were reopened at the landfill for processing waste.  
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Figure 8-15. Aerial photo of Burwood Landfill depicting land use. 

 

Area A was being used to dispose of ejected sand that was being cleaned up in city. CCC was 

expecting to accept 300-400,000 tonnes of ejected sand (Harris, 2011). The sand was being 

removed from residential, commercial, and public properties. The team witnessed the Student 

Volunteer Army collecting and moving the ejected sand into the streets by hand (Figure 8-16). 

Once the sand was placed in the streets it was collected with heavy equipment and transported to 

the Burwood Landfill, Pad A for disposal (Figure 8-17a). The team also found a large stockpile 

of ejected sand at the Bromley Waste Water Oxidation Ponds (Figure 8-17b). 

The University of Canterbury Student Association, Student Volunteer Army was organized 

through Facebook and Twitter by students (McInnes, 2011). A Facebook page was created after 

the September event that allowed for the dissemination of information and allowed people to 

sign up for help. Assignments were also provided by New Zealand Civil Defence. Every 

morning up to 3000 students would meet at the university and head out into city to assist 

Christchurch citizens. Students were organized in Autobots or a bus full of students, Squadrons 

or a car full individuals, and street teams. Most of the work that was performed involved the 

removal of ejected sand from individual homes, streets, and buildings. The Student Army played 

a critical role in allowing people to get to their homes and in cleaning up the city after the 

September and February earthquakes. This may be the first case where a social media network 
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provided assistance as a lifeline in a geotechnical capacity. The Facebook page can be found at 

http://www.facebook.com/StudentVolunteerArmy. 

 

 

Figure 8-16. University of Canterbury Student Army at work (courtesy of Dan Neville). 

 

  

(a) (b) 

Figure 8-17. (a) Ejected Sand Stockpile at Burwood Landfill, and (b) Ejected Sand Stockpile at 

Bromley Oxidation Ponds at Dyers Road. 
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Area B in Figure 8-15 was being developed as a working pad for the recycling of demolition 

debris taken from the Central Business District in Christchurch and surrounding areas. The pad 

was under construction at the time that the team visited the landfill. CCC was expecting to 

receive in excess of 1.5 million tonnes of demolition debris. The area B pad was being developed 

as a recycling and processing centre where CCC would attempt to recycle as much waste as 

possible. Timber debris would be turned into hogfuel and a concrete crushing plant was also 

going to be installed at Pad B to assist with the recycling of the debris. It was estimated that it 

would take 5-10 years to recycle all of the waste but that the majority of the tonnage could be 

recycled (Pinkham, 2011).  

Areas C and D were not visited by the team. However the team did visit a liquid solid waste 

disposal area not marked in aerial photo. The site had temporarily been allowed spread liquid 

solid waste collected by vacuum trucks from the sewer system in Christchurch until the waste 

water treatment plant could be brought back online.  

Canterbury Waste Services (CWS) who operates the collection centres in and around Canterbury 

and the Kate Valley Landfill was visited again after the 22 February earthquake. CWS learned 

from the September event that the mixing of liquid wastes with MSW at the collection centres 

was an excellent way to reduce the liquid content prior to hauling the material to the Kate Valley 

Landfill, where high liquid content waste could possibly result in an unstable waste body. After 

the September event, CWS also worked with New Zealand Civil Defence to not allow large 

liquid retailers such as breweries and soda pop manufacturers to dump their liquids immediately, 

but to dispose of them in a controlled manner. Lastly, after the 4 September event the 

Christchurch City Council had suspended the clean fill disposal law, which removed restrictions 

on the dumping of waste at the collection centres. This abandonment of the clean disposal law 

meant demolition debris that contained hazardous materials, could to be disposed of at the 

landfill. CWS has been working closely with the insurance companies and CCC to separate 

hazardous materials from the debris prior to accepting the material at the transfer station or the 

Kate Valley Landfill.   

After the 4 September earthquake CWS saw tonnages being delivered to the Kate Valley Landfill 

rise from the typical 800 tonnes per day to approximately 1800 tonnes for about a two week 

period after the event. After the 22 February earthquake it took until 28 February before daily 

tonnages begin rising. Daily tonnages after the 28
th

 ranged between 1100 and 1500 tonnes per 

day. CWS transfer stations and the Kate Valley Landfill all performed well following the 22 

February earthquake. 

Other Lifelines 

Access to other lifeline at the time of the 03 to 08 March 2011 reconnaissance was unavailable 

due to earthquake recovery.  
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